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ABSTRACT 
 

The primary objective of this research is to advance, through analytical and experimental 

research, knowledge on collapse assessment of structural systems. The focus is on sidesway 

collapse of frame structures, in which a specific story, or a series of stories, displaces 

sufficiently so that second order P-Delta effects fully offset the first order shear resistance 

and dynamic instability occurs. The effect of component deterioration that accelerates 

sidesway collapse of structural systems is of primary interest in this research. 

 

Collapse assessment of structural systems is enhanced with the development of three 

extensive databases on steel and reinforced concrete beam elements. The three databases 

serve as the basis for validation and improvement of analytical models that explicitly model 

deterioration of structural components and are implemented in presently available dynamic 

analysis platforms. Through the calibration of several hundreds of experimental tests 

relationships are proposed that associate available deterioration modeling parameters with 

section properties and detailing criteria that control deterioration in structural components. 

The focus is on plastic hinge regions in steel components. These relationships and statistical 

measures accounting for modeling and material uncertainties serve as the basis for 

modeling recommendations of steel components. 

 

Through the successful completion of earthquake-simulator collapse tests series of two 

scale model of a steel frame that serves as the lateral system of a 4-story office building, it 

is demonstrated that component deterioration has a significant effect on the collapse 

resistance of frame structures and that P-Δ effect can be quantified up to collapse. It is also 

demonstrated that it is possible to analytically predict sidesway collapse of frame structures, 

including the effects of component deterioration, fairly well using relatively simple models 

that can be incorporated in presently available dynamic analysis programs. Collapse 

assessment of deteriorating structural systems is enhanced with an array of case studies. 



 vi

 

It is concluded that reliable prediction of collapse still has many hurdles to overcome, but 

the goal to improve the state of knowledge on how to predict the collapse capacity of 

deteriorating structural systems is achieved. 
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CHAPTER 1 

INTRODUCTION 
 

_________________________________________________________________________ 
 

 

1.1 Objective and Scope 

 

Understanding, predicting, and preventing collapse has always been a major objective of 

earthquake engineering. From the perspective of financial losses, collapse constitutes a 

limit state associated with complete loss of the building, its content, and its function.  This 

may not be a critical consideration because similar losses, which may require condemnation 

of the building, are likely to be encountered already at drifts significantly smaller than those 

associated with collapse.  But collapse is the main source of injuries and loss of lives.  

Thus, it constitutes an engineering limit state that is needed to evaluate, in a probabilistic 

format, the life safety performance level, which is a primary societal concern. The step 

from collapse to casualties is not addressed in this research This research is in support of a 

recently developed methodology for collapse assessment, with an emphasis on prediction 

and validation of collapse performance of frame structures. The focus is on a common 

collapse mode, namely that associated with sidesway (incremental) collapse in which an 

individual story (or a series of stories) displaces sufficiently laterally so that the second 

order P-Delta effects fully offset the first order story shear resistance and dynamic 

instability occurs, i.e., the structural system loses its gravity load resistance.  

 

The capability for predicting collapse of structural systems is enhanced with the 

development of three extensive databases on steel and reinforced concrete beam elements. 

The three databases serve as the basis for validation and improvement of analytical models 

that explicitly incorporate deterioration of structural components and are implemented in 
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presently available dynamic analysis platforms. The intention is to provide relationships 

that associate deterioration parameters of component models with important geometric and 

material properties of the components. These relationships and associated statistical 

measures, which account for modeling and material uncertainties, serve as the basis for 

modeling recommendations for structural elements. Through the successful completion of 

earthquake-simulator collapse tests of two scale models of a steel frame it is demonstrated 

that it is possible to analytically predict sidesway collapse of frame structures, including the 

effects of component deterioration. Even if reliable prediction of collapse still has many 

hurdles to overcome, the goal of improving the state of knowledge on how to predict the 

collapse capacity of deteriorating structural systems is achieved. 

 

 

1.2 State of Knowledge on Collapse Prediction of Structural Systems 

 

Several collapse assessment approaches have been developed and proposed in the last 

several years. Researchers have worked independently in understanding and quantifying P-

Δ effect and its influence on collapse capacity of non–deteriorating structural systems. 

Others have worked in developing deteriorating nonlinear component models that can 

reproduce experimental results. Recently, several efforts have been carried out to integrate 

all important factors that influence collapse in a unified methodology. The following is a 

summary of salient studies. 

 

Collapse Studies on Non–Deteriorating Structural Systems: In the early studies on 

global collapse of structural systems hysteretic models were not capable to capture 

component deterioration. Global collapse of a structural system due to P-Δ effects is 

possible to occur only if the structure tangent stiffness becomes negative under large P-Δ 

effects, eventually leading to collapse of the system. For instance, using a one–story frame 

model with bilinear springs to account for material nonlinearity, Jennings and Husid (1968) 
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noted that structural collapse during earthquake motion can occur due to the effects of 

gravity loads.  

 

Takizawa and Jennings (1980) evaluated the ultimate capacity of RC frame structures under 

earthquake excitations by utilizing an equivalent single – degree – of freedom (SDOF) 

model with trilinear non-degrading hysteretic behavior. They considered explicitly the P-Δ 

effect and concluded that structural collapse is strongly influenced by the duration of the 

ground motion.  

 

The instability of buildings subjected to earthquake excitations was studied by Bernal 

(1987, 1992, 1998). He used two-dimensional moment resisting frames and concluded that 

dynamic instability cannot be prevented by simply limiting the maximum elastic story drifts 

under design lateral loads. Bernal also concluded that that the minimum base shear capacity 

needed to withstand a given ground motion without collapse is strongly dependent on the 

shape of the controlling mechanism, validating earlier statements by Takizawa and Jennings 

(1980). More recently Bernal et al. (2006) also studied the instability inducing potential of 

near fault ground motions with the use of collapse spectra plots (strength versus period for 

constant values of a parameter that characterizes gravity) and tried to predict collapse after 

utilizing results from pushover analysis. McRae (1994) and Williamson (2003) extended 

Bernal’s earlier studies to more complex hysteretic response while considering the P-Δ 

effect, and they both came to conclusions similar to those obtained in the studies by Bernal. 

Challa and Hall (1994) investigated the collapse capacity of a 20-story steel frame. They 

observed that the steel frame was likely to collapse under a severe ground motion excitation 

because of significant column plastic hinging in the structure.  

 

Rahnama and Krawinkler (1993) investigated the effects of a negative post-yield stiffness 

(P-Delta) and strength deterioration on the demand imposed by ground motions on inelastic 

SDOF systems. They concluded that bilinear hysteresis systems with a negative post-yield 

stiffness drift significantly and their strength, compared to hardening systems, needs to be 
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increased considerably in order to limit the inelastic deformations to the same ductility 

ratio. 

 

Miranda and Akkar (2003) used bilinear SDOF systems with negative post – yield stiffness 

and a set of 72 ground motions recorded in California and proposed a simplified equation 

that estimates the minimum lateral strength that is required to prevent collapse by dynamic 

instability due to P–Δ. 

 

The assessment of destabilizing effects of gravity in highly inelastic non-deteriorating 

structures when subjected to seismic excitations was addressed by Adam et al. (2004). The 

proposed approach was based on equivalent SDOF systems of multi-story frame structures, 

which were subjected to a set of 40 ground motions developed by Medina (2002). They 

concluded that the application of the proposed equivalent SDOF system is appropriate to 

estimate P-Delta effects in non – deteriorating regular multi degree of freedom (MDOF) 

structures. 

 

Martin and Villaverde (1996), based on a study with a steel cantilever beam and a 2-story 

three-dimensional steel moment-resisting frame tried to determine analytically if a structure 

will experience partial or total collapse when excited by a ground motion, based on the 

identification of the structural modes that correspond to zero or negative pivots of the 

triangularized effective stiffness matrix. 

 

Collapse of composite structures consisting of RC columns and steel or composite beams 

was investigated by Mehanny and Deierlein (2000, 2001). They proposed a methodology to 

evaluate the likelihood of a structural collapse under earthquake effects using a component 

damage index. The damage index was used to degrade stiffness and strength of the 

damaged sections.  
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Medina (2002), in the context of Performance–Based Earthquake Engineering (PBEE) 

concepts developed within thePacific Earthquake Engineering Research (PEER) Center, 

used one–bay generic frames to evaluate the performance of non–deteriorating structural 

systems. He utilized the incremental dynamic analysis (IDA) approach (Vamvatsikos and 

Cornell, 2002) and developed engineering demand parameter (EDP) hazard curves based on 

available seismic hazard information. Medina also proposed the use of global collapse 

fragility functions along with an intensity measure (IM) hazard curve to estimate the mean 

annual frequency of collapse. 

 

Collapse Studies on Deteriorating Structural Systems: Experimental studies have shown 

that the hysteretic behavior of a structural component is dependent upon numerous 

structural parameters that greatly affect the deformation and energy dissipation 

characteristics, leading to the development of a wide range of more versatile deterioration 

models. Widely used deterioration models are discussed in detail in Chapter 2 in the context 

of this research.  

 

Song and Pincheira (2000) studied the effect of stiffness and strength deterioration on the 

maximum inelastic displacement of SDOF systems without including geometric 

nonlinearities. They found that the displacement ratio between a deteriorating and non-

deteriorating system could be as large as two (especially in the short period range) and that 

it varies significantly with the deterioration rate and type of ground motion. 

 

A collapse assessment methodology for structural systems combining the P–Δ effect with 

component deterioration was proposed in Ibarra et al. (2002, 2005) and Ibarra and 

Krawinkler (2003). After incorporating the cyclic deterioration rules developed by 

Rahnama and Krawinkler (1993), Ibarra developed a component analytical model that is 

capable of capturing basic strength and cyclic deterioration. Ibarra computed collapse 

capacities for SDOF systems and MDOF frame structures. He identified the parameters that 

mostly influence collapse and assessed the sensitivity of collapse capacity to these 
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parameters. In the same study, collapse fragility curves for SDOF and MDOF systems were 

developed together with a methodology for computing the mean annual frequency of 

collapse [Ibarra et al. (2002), Ibarra, (2003), Ibarra and Krawinkler, (2005)]. 

 

Zareian (2006) introduced a Design Decision Support System (DDSS), which is supported 

by an extensive database of collapse capacities for a wide-range of combinations of 

structural parameters of frame and wall structural systems. Using this database Zareian and 

Krawinkler (2007) developed closed-form expressions for estimating the collapse potential 

of frame and wall structures. 

 

Haselton and Deierlein (2006) calibrated the Ibarra-Krawinkler deterioration model (Ibarra 

et al., 2005) to data of 255 reinforced column tests provided by the Pacific Earthquake 

Engineering Research (PEER) center database (PEER) and performed analytical collapse 

studies in order to quantify seismic collapse risk of reinforced concrete (RC) frame 

structures in the United States. In the work by Haselton and Deierlein (2007) the collapse 

safety of modern code-conforming structures is assessed. These assessments were used to 

quantify the effectiveness of retrofitting techniques to reduce the collapse risk of older, non-

ductile RC structures (Liel et al., 2008). 

 

Experimental Collapse Investigations: Only few experimental studies have been 

conducted in which replicas of structures were tested all the way to collapse. Kato et al., 

(1973) tried to analytically predict collapse of relatively simple models that were tested on a 

shake table. In these analytical studies only the effect of P–Δ was included, but the effect of 

component deterioration was ignored. 

 

Vian and Bruneau (2001, 2003), concluded that the stability coefficient has the most 

significant effect among structural parameters on the behavior of the SDOF systems. They 

based their conclusions on a series of shake table tests of 15 different SDOF steel frame 
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systems subjected to earthquake excitations of progressively increasing intensity up to 

collapse due to geometric nonlinearities (P-Δ effect).  

 

The work by Vian and Bruneau (2001) was confirmed by Kanvinde (2003) after performing 

shake table tests up to collapse of similar SDOF structures. Using the Open System of 

Earthquake Engineering Simulation Platform (OpenSees 2007) Kanvinde confirmed that P-

Δ collapse of SDOF systems can be accurately reproduced analytically. 

 

A series of shaking table tests of two scale model reinforced concrete plane frames were 

conducted by Elwood (2002) to investigate the collapse mechanisms of RC frames with 

low–ductility columns. Based on this work and the work by Elwood and Moehle (2005), 

Moehle incorporated into nonlinear dynamic analysis software component models that 

incorporate component failure and progression to collapse. 

 

Rodgers and Mahin (2006) investigated the consequences of beam-to-column connection 

fractures on the global behavior of the test frame through a series of shaking table 

experiments and numerical simulations that were carried out on a one-third scale, two-story, 

one-bay moment-resisting steel frame., Based on experimental and numerical investigations 

they demonstrated that severe strength loss due to the combination of numerous fractures, 

undesirable post-fracture hysteretic behavior, P-Delta, and large excitation can have severe 

consequences including collapse. 

 

Nakashima et al. (2006) tested under pseudo dynamic loading a full scale three story steel 

moment frame up to collapse. Although not a shake table test, the objective was to assess 

the ability of numerical simulation to trace cyclic inelastic behavior of the test frame. The 

analytical model used to simulate component behavior of the test frame did not include any 

deterioration characteristics though. 
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In order to validate an experimental software framework for hybrid simulation of structures 

(OpenFresco, 2008) Schellenberg and Mahin (2006) performed a collapse test of a portal 

frame with the use of hybrid simulation approach. After incorporating geometric 

nonlinearities into the analytical portion of the hybrid model they demonstrated that hybrid 

simulation of structural systems up to collapse is possible. In this work it is pointed out that 

the lack of a shake table collapse test of the same frame did not permit the complete 

experimental validation of the hybrid model. 

 

Kabeyasawa and Sanada (2002) conducted a shaking table test of a reinforced concrete 

frame-wall building with a soft first story at the NIED Large Scale Earthquake Simulator. 

They reported that the overall collapse mechanism of the test frame was formed with 

flexural yielding at the wall base and tensile yielding of columns. However, the mechanism 

changed into a sidesway mechanism with the progress of inelastic deformation in the 1st 

story due to the softening of the shear wall. In the same work a correlation between the test 

and simulation results was reported.  

 

A challenging test series conducted on the E-Defense (2007) shaking table was the collapse 

test of a full scale steel 4-story building designed based on current Japanese seismic 

provisions in September of 2007 (Kasai et al. (2007), Tada et al. (2007), Suita et al. (2007, 

2008)). The objective of the test was to enhance analytical methods for earthquake response 

simulation and provide information for new design guidelines for collapse assessment of 

steel structures. This work is discussed in more detail in Chapter 8. 

 

 

1.3  “Point of Departure” for this Research 

 

Taking stock of the present state of knowledge on collapse prediction of structural systems 

it is concluded that only recently significant progress has been made in our ability to predict 

collapse and to develop engineering measures that provide consistent collapse protection. 
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The main obstacles have been our inability to predict deterioration properties of structural 

components, to incorporate these properties into our analysis and design tools, and to 

account for all important sources of uncertainty (ranging from hazard to ground motion to 

structural modeling uncertainties) that may affect collapse prediction.  Moreover, until 

recently there has not been a comprehensive physical experiment of a real structure that 

demonstrates that prediction of collapse is indeed feasible and reliable. 

 

The primary objective of the work discussed in this report is to advance, through analytical 

and experimental research, knowledge on collapse assessment of structural systems. 

Collapse is multifaceted but in this context the focus is on sidesway collapse of frame 

structures. The approach used to obtain the collapse capacity of a structural system is 

reliability-based because of the uncertainties in the description of the seismic input. 

Uncertainties in modeling the deterioration properties of the structural components that 

make up the structural system are not considered but information on uncertainty measures 

and correlation coefficients between deterioration modeling parameters is provided based 

on experimental evidence.  The main objectives of this research are summarized as follows: 

 

• Develop an extensive database on deterioration parameters of structural steel and 

reinforced concrete components, including uncertainty measures accounting for 

modeling and material uncertainties 

 

• Validate and improve analytical models that explicitly model component 

deterioration based on existing experimental data provided by the aforementioned 

component databases 

 

• Develop relationships and statistical measures accounting for modeling and material 

uncertainties that will serve as the basis for modeling recommendations of structural 

elements 
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• Incorporate improved deteriorating component hysteresis models into analysis 

platforms 

 

• Design, conduct and document two comprehensive collapse experiments of a 4-

story steel frame 

 

• Demonstrate that incremental collapse can be predicted, including the effects of 

component deterioration, with the use of relatively simple analytical models. 

 

• Contribute to the Network for Earthquake Engineering Simulation (NEES) objective 

of coordinated analytical and experimental simulation. 

 

 

1.4 Outline 

 

Hysteresis models that incorporate component deterioration are discussed in Chapter 2. The 

same chapter addresses modifications to the Ibarra–Krawinkler deterioration model (Ibarra 

et al. 2005) to account for residual strength, composite action and ultimate deformation 

capacity. The deterioration model modifications are based on evaluation of experimental 

data from tests that have been conducted over the last 40 years on steel and concrete 

components. The improved deterioration models are implemented in an in-house single-

degree-of-freedom (SDOF) program that carries out dynamic and quasi-static inelastic 

analysis, and in a dynamic nonlinear analysis program for multi-degree-of-freedom 

(MDOF) systems. 

 

Chapter 3 focuses on the development of three databases of the monotonic and hysteretic 

behavior of structural steel and concrete components. The objective is to provide a 

comprehensive documentation of important experimental data and to quantify component 

deterioration parameters. The same chapter includes a general description of an interactive 



 

________________________________________________________________________________________ 
Chapter 1                                                                                                                                             Introduction 

11 

computer software named “Calibrator” developed to calibrate deterioration parameters from 

data on several hundred experiments included in the component databases. The main 

calibration techniques used in this research are also discussed. Chapter 3 also provides 

qualitative and quantitative uncertainty measures to describe structural behavior parameters 

accounting for modeling and material uncertainties. 

 

The development of relationships that associate deterioration model parameters, such as the 

ones proposed in Ibarra (2003), with criteria that control deterioration in actual structural 

components is discussed in Chapter 4. The relationships are developed based on 

multivariate regression analysis, after taking advantage of calibrated values of deterioration 

parameters from several hundreds of component tests. Since the primary focus in this 

research is the collapse assessment of steel structures, the proposed relationships are 

developed for steel members (W-sections and tubular hollow square column sections). 

 

In Chapter 5 the design of a 4 – story steel moment frame office building is summarized. 

This building serves as the base case structural system in this research. The same chapter 

focuses on the design of a 1:8 scale model of the 4-story EW moment frame of the base 

case structural system, which was tested up to collapse at the NEES facility at the 

University at Buffalo. 

 

The testing program conducted in the laboratory of the John A. Blume Earthquake 

Engineering Center at Stanford University in order to determine the deterioration 

characteristics of components of the 1:8 scale model test frame is discussed in Chapter 6 

together with the subsequent data evaluation. The results of the component tests are utilized 

for analytical collapse simulations prior to the shaking table tests (pre-test predictions) In 

the same chapter a summary is presented of tests performed on important components of 

the model frames after completion of the shaking table tests, which provided additional data 

for post-test predictions. 
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Chapter 7 presents a discussion of the specimen fabrication, setup, instrumentation, and 

execution of shaking table tests performed on two nominally identical 1:8 scale models on 

the shaking table of the NEES facility at the State University of New York at Buffalo.. 

Quantification of P-Delta effects from elastic behavior up to collapse, and post–test 

analytical collapse simulations of the two test frames are discussed in the same chapter. 

 

Chapter 8 summarizes case studies performed in order to evaluate the capability to predict 

collapse of structural systems based on the knowledge gained from the previous chapters of 

this research. In the same chapter analytical predictions and comparisons with experimental 

data of a full-scale 4-story building collapse test that was conducted on the world’s largest 

shaking table in the Hyogo Earthquake Engineering Research Center in Japan are 

presented.  

 

Chapter 9 provides a summary of major findings and conclusions of this research in support 

of collapse assessment of deteriorating structural systems. Several appendices are included 

at the end of this dissertation that summarize auxiliary information generated in this 

research. 
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CHAPTER 2 

HYSTERETIC MODELS THAT INCORPORATE COMPONENT 
DETERIORATION 
 
_________________________________________________________________________ 

 
 

2.1 Purpose and Scope 

 

Collapse assessment of structural systems requires hysteretic models that are capable of 

capturing deterioration of structural components. The scope of this chapter is to review 

several widely used deterioration models and to describe a modified version of the Ibarra-

Krawinkler deterioration model that is used extensively in this research. The modifications 

address asymmetric component hysteretic behavior including different rates of cyclic 

deterioration in the two loading directions and asymmetric backbone curve characteristics, 

residual strength, and incorporation of an ultimate deformation at which the strength of a 

component drops to zero. The modifications are based on observations from a large number 

of experimental data of steel and reinforced concrete components. 

 

Component modeling in this research is based on the modified version of the Ibarra 

Krawinkler model presented in Section 2.3. The modified deterioration model was 

implemented in a single degree of freedom (SDOF) dynamic analysis program (SNAP) and 

a multi degree of freedom (MDOF) dynamic analysis platform (DRAIN – 2DX, 1993). 
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2.2 Review of Deterioration Models 

 

2.2.1 Clough and Johnston Model 

 

Bilinear elastic-plastic hysteresis models were the first to be used because of their 

simplicity. A model with softening of the reloading stiffness was proposed by Clough and 

Johnston in 1966. This model is a bilinear approximation of the trilinear model developed 

by Hisada et al. (1962) to represent the hysteretic behavior of a reinforced concrete 

structure (Hisada model). In the Clough and Johnston model the degradation of the 

reloading stiffness is based on the maximum displacement that has taken place in the 

direction of the loading path. Because of this characteristic this model is often referred to as 

the peak-oriented model. A deficiency of the Clough model was pointed out by Mahin and 

Bertero (1976). In Figure 2.1(a), after unloading from point A, consider a situation in which 

reloading takes place from point B.  

 

The original Clough model assumes that reloading is directed towards the previous 

maximum response point C. The modification proposed by Bertero and Mahin is that 

reloading occurs elastically until the immediately preceding unloading point A is reached 

before the response is directed towards the previous peak point C (see Figure 2.1(b)). In the 

modified Clough model the amount of stiffness degradation is a function of the peak 

deformation. Others (Nielsen and Imbeault (1970), Anagnostopoulos (1972) and Iwan (1973)) 

have developed piece-wise linear hysteretic models that incorporate stiffness degradation. 

 

Sucuoglu and Erberik (2004) developed a simple piece–wise linear hysteresis model that is 

based on the stiffness– degrading model by Clough and Johnston (1966) but incorporates an 

energy – based strength degradation rule. A total of 7 degradation rules for asymmetric 

behavior are incorporated in the deterioration model as seen in Figure 2.2. 
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2.2.2 Takeda Model 

 

Based on experimental observations on the behavior of a number of medium-size reinforced 

concrete components tested under lateral load reversals with light to medium amount of 

axial load, a hysteresis model was developed by Takeda, Sozen and Nielsen (1970). The 

Takeda model includes (a) stiffness changes at flexural cracking and yielding, (b) hysteresis 

rules for inner hysteresis loops inside the outer loop, and (c) unloading stiffness degradation 

with deformation. The response point moves toward a peak of the one outer hysteresis loop. 

Figure 2.3 illustrates the Takeda model. It should be noted that the primary curve of the 

Takeda model can be made bilinear by simply choosing the cracking point to be the origin. 

Such a model is called the “bilinear Takeda” model, similar to the Clough model except 

that the bilinear Takeda model has more hysteresis rules for inner hysteresis loops (Otani 

and Sozen, 1972). Another degrading trilinear hysteresis model that simulates dominantly 

flexural stiffness characteristics of RC is the one proposed by Fukada (1969).  

 

2.2.3 Bouc – Wen model and its modifications 

 

The following short discussion is based on the paper by Foliente (1995), who presented an 

excellent summary of the widely known Bouc-Wen model and its modifications. 

 

Bouc (1967) suggested a versatile, smoothly varying hysteresis model for a single-degree-

of-freedom (SDOF) mechanical system under forced vibration.  Wen (1980) generalized 

Bouc’s hysteretic constitutive law and developed an approximate solution procedure for 

random vibration analysis based on the method of equivalent (or statistical) linearization. 

Baber and Wen (1981) extended the model to admit stiffness and/or strength degradation as 

a function of hysteretic energy dissipation and applied it to a multiple- degree-of-freedom 

(MDOF) system. Baber and Noori (1985, 1986) further extended the modified Bouc model 

by incorporating pinching while maintaining it in a form compatible with Baber and Wen 

and Wen’s equivalent linearization solution. Response statistics obtained by the equivalent 
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linearization technique were shown to reasonably approximate those obtained by Monte 

Carlo simulation. The final model, with Baber and Noori’s (1986) single-element pinching 

model, is known as the Bouc-Wen-Baber-Noori (BWBN) model. 

 

Many researchers have used the early form of the modified Bouc (1967) model in random 

vibration investigations of hysteretic systems. With the features added by Baber and Wen 

(1981) and Baber and Noori (1986), it has more closely approximated the hysteretic 

behavior of structural elements and systems.  

 

The model is based on a separation of a linear restoring force component, Fk = αku, and a 

hysteretic restoring force component, Fh = (1-α)kz, see Figure 2.4, with u being the total 

relative displacement and z being the hysteretic displacement.  Thus, the total restoring 

force is FT = αku+(1-α)kz.  In the BWBN model the hysteretic displacement and the total 

displacement are related by the following first order differential equation: 
 

1

( )

n nA u v u z z u z
z h z

β γ

η
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ii i

i
 (2.1) 

 

where A, β, γ, and n are hysteresis shape parameters (if n = ∞, the elasto-plastic hysteresis 

case is obtained); ν and η = strength- and stiffness-degradation parameters, respectively, 

(if ν = η = 1.0, the model does not degrade); and h(z) = pinching function introduced by 

Baber and Noori (1986) [if h(z) = 1.0, the model does not pinch]. Denoting the hysteretic 

energy dissipated at time t as ε, the strength and stiffness degradation parameters are 

defined as follows: ν(ε) = 1 + δνε, and η(ε) = 1 + δηε.  Illustrations of the effect of δν and 

δη are provided in Figure 2.5. The pinching function h(z) can take on different forms; it also 

depends on ε and on several other parameters. An example of its effect can be seen from the 

dz/du versus z/zu plot illustrated in Figure 2.6. 
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There are 13 parameters in this model.  Very few of them can be related to engineering 

quantities under control by the designer. Values for these parameters have been obtained for 

specific cases through system identification.  The great advantage of this general model is 

its versatility, since almost any hysteresis behavior can be modeled somehow, as is 

illustrated in Figure 2.7.  But its great disadvantage is its complexity and its lack of 

relations with engineering design parameters. Iwan (1990) showed that the model also 

violates basic principles since tends to exhibit a pronounced drift, particularly when post-

yield stiffness is very small. For this reason this model is rarely used except for theoretical 

studies, for which it is an excellent choice.  

 

It should be noted that Clarke (2005) developed a differential equation endochronic 

plasticity model as an alternative to the Bouc–Wen model. This model uses the hyperbolic 

sine function as the driving function as opposed to the Fn function used by Bouc and many 

researchers subsequently and is very stable and inexpensive in a nonlinear optimization 

process for system identification. Ten parameters need to be defined in order to fully 

characterize the model. 

 

2.2.4 Ramberg-Osgood Model 

 

The Ramberg-Osgood model (1943), Figure 2.8, has been used extensively in the 60-ies, 

and is still used if the “rounding” of hysteresis loops is deemed important. The model is a 

non-degrading smooth model and is a mathematical description of the loading and 

unloading/reloading curve, in which the value of the exponent r dictates the shape of the 

curve (r = 1 implies elastic behavior, and r = ∞ implies elastic-perfectly plastic behavior). A 

cyclic hardening factor can be applied to the unloading/reloading curve, but its value should 

be history dependent. Hardening parameters as well as strength and stiffness degradation 

parameters are implemented in the Ruaumoko analysis platform (Carr, 2003), which also 

includes a large list of other hysteretic models (see Carr, 2003).  The general perception is 
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that this model is no longer widely used in the US, except for special conditions (Kukreti et 

al., 1999) or in the auto and air/space industry. Another smooth non-degrading hysteretic 

model is the Menegotto and Pinto, (1973), which is available in OpenSees analysis platform 

(OpenSees, 2007) the Bouc-Wen model (Bouc 1967; Wen, 1976). 

 

2.2.5 Kunnath et al., deterioration Model 

 

Since inelastic deformations in reinforced concrete members do not concentrate in critical 

sections but spread across a finite region known as the plastic hinge length, Kunnath et al. 

(1990) proposed a new deterioration model which was based on distributed plasticity 

concepts. This model is both an extension and a simplification of the Takizawa (1976) 

model. The Kunnath et al. (1990) model has been incorporated in recent versions of IDARC 

(Valles et al., 1996). The model in concept is both simple and versatile since it is based on 

integration of the curvature diagram that results in the basic incremental moment-rotation 

relationship. These integrals, which eventually result in the element stiffness matrix, can be 

obtained in closed form and directly used in a computer program. Kunnath et al., (1990) 

showed that shear deformations can be directly incorporated in the above model. Improved 

versions of such distributed models have also been investigated. A nonlinear distribution 

was developed for tapered elements (Kunnath et al., 1992) and a multilinear distribution 

with nonsymmetric properties was developed for the three dimensional model (Lobo et al., 

1992, 1994). 

 

2.2.6 Sivaselvan and Reinhorn Model 

 

The model proposed by Bouc (1967) and modified by several others (Wen 1976; Baber and 

Noori 1985; Casciati 1989; Reinhorn et al. 1995) was modified by Sivaselvan and Reinhorn 

(2000) into a versatile smooth hysteretic model (SHM) with stiffness and strength 

degradation and pinching characteristics, derived from inelastic material behavior. It should 
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be noted that the Sivaselvan and Reinhorn (2000) model is conceptually based on general 

class of non-degrading and degrading models developed by Iwan (1966) but extended the 

model developed by Mostaghel (1999) to include smooth curvilinear segments. The model 

presents a holistic picture of the modeling of 1D inelastic material.  

 

The derivation of the Sivaselvan and Reinhorn (2000) model is based on the theory of 

viscoplasticity and its resemblance to the endochronic constitutive theory. The model also 

permits the use of a curved or multi-linear backbone curve. As far as can be deduced from 

the reviewed literature, the model and its previous variations does not consider cyclic 

(isotropic) hardening, and it is not evident how strength cap and post-capping behavior are 

considered by the model.   

 

In the review process we did not succeed in assessing the effects of the degradation 

parameters β1 and β2 (which relate to ductility and energy dissipation) on the hysteretic 

response and to review their effect individually. This may be more a shortcoming of the 

review process than of the models.  Compared to the Bouc-Wen models the Sivaselvan and 

Reinhorn model seems to have a much closer relation to physical quantities that are under 

the control of the designers. Sample calibrations obtained from the Sivaselvan and 

Reinhorn model, obtained as part of the SAC study, are illustrated in Figure 2.9. 

 

2.2.7 Yield – Line Plastic Hinge Models 

 

Gioncu and Petcu (1997), Anastasiadis et al. (2000), and Möller et al. (1997) introduced the 

yield-line concept to model the buckled shapes observed in experiments. They constructed 

yield-line models and used this plastic mechanism to determine rotation capacity of 

European H-section beams. Lee and Stojadinovic (2004) developed a new cyclic yield-line 

plastic hinge model for estimating connection rotation capacity based on a similar concept 

(see Figure 2.10). The model considers post-peak connection strength degradation due to 
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local and lateral-torsional buckling. This limit state is used to establish a connection 

rotation limit similar to the limit used in FEMA-350 (SAC Joint Venture, 2000a). In order 

to predict crack initiation at the creases of the local buckles in the plastic hinge, the model 

also considers low-cycle fatigue crack initiation based on a cumulative local strain concept 

at the critical yield line. The primary purpose of the Lee and Stojadinovic model is to be 

used by designers to evaluate new connections before the required proof-tests.  

 

2.2.8 FEMA 356 Component Model 

 

In the ATC-33 project, which led to the publication of the FEMA 273 report and later to the 

FEMA 356 report, structural components with reliable ductility were modeled as shown in 

Figure 2.11.  This model has a strength cap (point C) beyond which the strength drops 

rapidly (from C to D) to a much reduced residual value that is maintained until the 

deformation reaches a specified value (point E), where the strength drops to zero.  This 

model was intended to be used for static pushover analysis but not for inelastic dynamic 

analysis. Thus the FEMA 356 (SAC Joint Venture 2000b) model does not include any 

hysteretic rules for cyclic deterioration.  Even in the static analysis the steep “cliff” causes 

many problems of numerical stability and leads to pushover curves with strange looking 

saw-tooth behavior.  Thus, the FEMA 356 deterioration model is of historical interest but 

not of practical value in the context of this study. 

 

2.2.9 Song and Pincheira Model 

 

This model incorporates a strength cap and post-capping behavior, but does not incorporate 

cyclic strength deterioration.  The model deterioration rules are described in detail in Song 

and Pincheira (2000). The backbone curve of the model is shown in Figure 2.12(a).  As 

seen, the model is capable to capture the strength “cap” after the system exceeds the 

deformation, Δu which corresponds to the ultimate strength Fu,.  A residual strength path is 

also incorporated in the model.  
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Figure 2.12(b) illustrates the hysteretic behavior for loading cycles of increasing 

displacement amplitude.  Stiffness reductions upon unloading are considered after yielding 

and are controlled by a parameter α.  Strength decay is introduced, however, only after 

reaching the peak strength, Fu. If the system unloads after the peak strength has been 

reached, reloading is directed toward the mirror image of the point at which unloading 

occurred, i.e., points A' and B' in Figure 2.12(c).  However, additional strength decay may 

be considered by increasing the deformation of the reloading target point by a parameter β 

(points A" and B"). Note that the reloading target points represent the maximum attainable 

resistance that the system can develop in subsequent cycles once the maximum strength, Fu, 

has been reached. Pinching of the hysteresis loops is considered in the model by modifying 

the reloading stiffness of the system and is controlled by a parameter γ as shown 

schematically in Figure 2.12(c). Strength degradation upon reloading is gradually reduced 

in subsequent cycles by a parameter v at a rate of vn-1 per cycle, where n is the number of 

internal cycles. The main disadvantage of the Song and Pincheira model is that is not 

capable to capture basic strength and post - capping strength deterioration unless if an 

approximate procedure developed by Pincheira et al. (1999) is used to account for in-cycle 

degradation. The procedure consists on using very small time increments together with an 

arbitrary positive stiffness to compute a force unbalance which is applied in the subsequent 

time step.  

 

2.2.10 Ibarra-Medina-Krawinkler Deterioration Model 

 

This model has been reported first in Rahnama and Krawinkler (1993) and has been refined 

and utilized extensively over the last ten years.  In its original form it has been described in 

several publications.  A comprehensive description of the original model is provided in 

Ibarra et al. (2005) and Ibarra and Krawinkler (2005).  The model is based on, 

 

a) a backbone curve that defines a reference skeleton behavior of an undeteriorated 

system, i.e., it defines strength and deformation bounds 
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b) a set of rules that define the basic characteristics of the hysteretic behavior between 

the bounds defined by the backbone curve, and 

c) a set of rules that define four modes of deterioration with respect to the backbone 

curve 

 

Backbone curve 

 

The shape of the backbone curve with definitions is provided in Figure 2.13.  The backbone 

curve defines the bounds within which the hysteretic response of the component is 

confined. It is close to the monotonic force-deformation response. It contains compromises 

that need to be made in order to simplify response description. For instance, it accounts for 

an average effect of cyclic hardening (which likely is small for RC components but may be 

significant for steel components). 

 

The quantities F and δ are generic force and deformation quantities.  For plastic hinge 

regions F = M and δ = θ. In the unmodified model the emphasis is on the effective elastic 

stiffness Ke, the effective yield strength Fy, the effective strain hardening stiffness Ks = 

αsKe, the capping point (point of maximum strength) defined by Fc and δc, the post-capping 

stiffness Kc = αcKe, and the residual strength Fr.  The ratio δc/δy is used as a reference value 

for the deformation capacity of the component. 

 

Rules defining basic hysteretic characteristics 

 

The model can be employed together with any of the three basic linearized hysteretic 

models, i.e., with the bilinear model, the peak-oriented model, or the pinching model. 
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Rules defining four modes of deterioration 

 

The cyclic deterioration rates are controlled by the rules developed by Rahnama and 

Krawinkler (1993), which are based on the hysteretic energy dissipated when the 

component is subjected to cyclic loading.  It is assumed that every component possesses a 

reference inherent hysteretic energy dissipation capacity, regardless of the loading history 

applied to the component.  The cyclic deterioration in excursion i is defined by the 

parameter βi, which is given by the following expression: 
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where 

βi = parameter defining the deterioration in excursion i 

Ei = hysteretic energy dissipated in excursion i 

Et  = reference hysteretic energy dissipation capacity, expressed in the original model as a 

multiple of Fyδy, i.e., Et = γFyδy. In the modified model (Section 2.3) the reference 

hysteretic energy dissipation capacity is expressed as a multiple of Fyδp, i.e., Et = 

λFyδp, or Et = ΛFy, with Λ = λ.δp denoting the reference cumulative deformation 

capacity 

ΣEj = hysteretic energy dissipated in all previous excursions 

c = exponent defining the rate of cyclic deterioration 

 

The βi deterioration parameter can be applied to any of the following four deterioration 

modes (see Figure 2.14 for illustrations): 

 

Basic strength deterioration, defined by translating the strain hardening branch towards the 

origin by an amount equivalent to reducing the yield strength to 
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i
F  = deteriorated yield strength after excursion i.  

−+
−

/
1i

F =  deteriorated yield strength before excursion i. 

is,β  = based on an appropriate γ or λ (or Λ) value for basic strength deterioration 

 

Post-cap strength deterioration, defined by translating the post-capping branch towards the 

origin by an amount equivalent to reducing the cap strength to 

 

( ) −+
−

−+ −= /
1,,

/
, 1 ireficiref FF β  (2.4) 

 

with βc,i based on an appropriate γ or λ (or Λ) value for post-cap strength deterioration 

 

Unloading stiffness deterioration, defined by reducing the unloading stiffness Ku in 

accordance with 

 

1,,, )1( −−= iuikiu KK β   (2.5) 

 

with βk,i based on an appropriate γ or λ (or Λ) value for unloading stiffness deterioration 

 

Accelerated reloading stiffness deterioration, defined by moving the target deformation δt,i 

(which defines the point targeted in the reloading branch of the peak-oriented and pinching 

model) along the backbone curve to a value of 

 
−+

−
−+ += /
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with βa,i based on an appropriate γ or λ (or Λ) value for accelerated stiffness deterioration.  

 

Application of these rules for the four modes of deterioration is illustrated in Figure 2.14 for 

a peak-oriented system. 

 

Thus, the deterioration model has up to four deterioration parameters (appropriate γ or λ (or 

Λ) values for each deterioration mode [presuming that the exponent in Equation 3.2 is equal 

to 1.0, which is the only case considered so far]).  It is found that the use of the same γ or λ 

(or Λ) value for all four deterioration modes usually provides adequate description of each 

deterioration mode.  

 

The original version of the Ibarra-Krawinkler deterioration model was tested on hysteretic 

behavior data obtained from experiments on steel, reinforced concrete, and wood 

components.  Adequate simulations were obtained in all cases by tuning the model 

parameters to the experimental data.  Examples of calibrations are presented in Ibarra et al. 

(2005) for various types of specimens and hysteretic responses. 

 

Table 2.1 summarizes the capabilities of the models reviewed in this section. The noted 

capabilities are those identified in the literature.  It is quite possible that some of the models 

can be adapted for different capabilities (behavior modes) through minor modifications. 

 

It should be pointed out that there are many other available hysteretic models (degrading 

and non-degrading) for evaluation of structural performance. A brief summary of a large 

number of models (non-degrading and degrading) categorized in piece-wise linear and 

smooth models is presented by Miranda (2008) as part of the ATC-62 project. 
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2.3 Modified Ibarra Krawinkler Deterioration Model Used in this Study 

 

Over the last three years several modifications to the original Ibarra-Krawinkler model have 

been implemented. Some of these modifications are improvements of definitions, and some 

are improvements on the simulation of deterioration.  The results presented later in this 

research are based on what will be referred to from now on as the modified Ibarra-

Krawinkler Model. This model uses all the concepts and rules described in Section 2.2.10, 

with the modifications summarized below based on observations from experimental data 

from a database of several hundreds tests that have been conducted with steel and RC 

elements.  

 

2.3.1 Modifications to Backbone Curve 

 

The new terms used to define the backbone curve are illustrated in Figure 2.15.  They are 

mostly refinements of the definitions presented in Figure 2.13.  A new branch has been 

added to the original backbone curve that allows the simulation of complete loss of 

strength. This loss may occur at large inelastic deformations as is observed when ductile 

tearing takes place in steel components. The model can also simulate situations in which a 

complete loss of strength occurs before the system reaches the residual branch, i.e. in the 

post capping branch or even in the strain hardening branch. The latter may be the case of a 

brittle failure of a connection (see Figure 2.17) when the remaining post-fracture residual 

strength cannot be evaluated with confidence. The backbone curve has been also modified 

and can be asymmetric in positive and negative loading direction. There are good reasons 

for revising some of the definitions of the original Ibarra – Krawinkler deterioration model, 

as discussed below. 
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Plastic deformation capacity δp is used as reference value for deformation capacity rather 

than the ductility ratio δc/δy 

 

Conventionally the ductility ratio, defined as the ratio of “maximum” deformation to yield 

deformation, has been used to assess component or structure performance.  The term 

“maximum” may be associated with a limit on acceptable damage or with a limit on 

acceptable deterioration beyond which a component is considered to have “failed”. 

Acceptable performance is then defined as the ductility capacity exceeding the ductility 

demand predicted by an analytical model. The concept of ductility ratio is ingrained in 

many aspects of earthquake engineering, and researchers and engineers alike use this term 

to evaluate component, story, and structure behavior, mostly because it permits behavior 

description by means of a dimensionless quantity. But like any dimensionless quantity, its 

absolute value depends on the value that is used for normalization. 

 

In the context of this research the emphasis is on simulating component and structure 

behavior close to collapse, utilizing the component load-deformation deterioration model 

discussed here. Thus, there is no specific component ductility capacity that is associated 

with this level of performance. 

 

In the original Ibarra-Krawinkler model the ratio δc/δy had been used as a reference value 

for deformation capacity of a component and has been referred to as the backbone ductility 

capacity. Here it is argued to use the plastic deformation δp = δc - δy as a basic measure of 

component deformation capacity instead of δc/δy. From the perspective of component 

modeling the following arguments can be made for this change, particularly when 

considering that this research is concerned primarily with the effects of deteriorating plastic 

hinge regions on structural response.  
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For a given component (whether steel or reinforced concrete) both δy and δc (or δp = δc - δy) 

depend on the moment gradient (the effective M/V ratio), which varies a great deal between 

structural configurations, and for a given configuration may vary significantly within a 

loading history (in beams because of gravity load effects, and in beams and particularly 

columns because of redistribution due to inelastic behavior). Thus, in concept, a given 

component has neither a well defined δy nor a well defined δp (or δc).  It is then a matter of 

deciding which of the two parameters is more stable (less sensitive to the effective M/V 

ratio and to other assumptions made in defining reference values).  Basic principles and an 

evaluation of experimental results indicate that δp is much more stable than δy (and 

therefore more stable than μ = δp/δy). This holds true particularly for flexural plastic hinge 

regions in reinforced concrete components in which δy is not well defined even for a 

specific configuration. 

 

The ratio Fc/Fy is used to define the hardening region rather than the strain hardening 

parameter αs 

 

The elastic portion of the backbone curve is followed by a branch with reduced stiffness, 

which is conventionally denoted as the “strain hardening” branch. This branch extends until 

maximum strength, Fc, is reached at δc. This portion of the backbone curve is 

conventionally defined by the ratio of the reduced stiffness of the component after yielding 

Ks to the elastic stiffness of the component Ke, and is denoted as the strain hardening ratio 

αs. In this study we use the strength ratio Fc/Fy as the basic parameter to describe this 

branch of the backbone curve. In the following, supporting arguments for this change in 

definition are provided. 

 

• Basic principles indicate that stiffness of the strain hardening branch is strongly 

dependent on the moment gradient and the hardening characteristics of the moment-

curvature relationship of the cross section. 
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• As mentioned previously, due to the poor definition of elastic stiffness of reinforced 

concrete components, calibration of the strain hardening ratio αs becomes 

subjective.  

• Pilot studies with parts of the steel and RC databases presented in Chapter 3 have 

shown that the strength ratio Fc/Fy is a more stable parameter than the strain 

hardening ratio αs. 

 

The post capping deformation capacity δpc is used to define the softening region rather 

than the post-capping stiffness ratio αc 

 

As discussed previously, the value of the elastic stiffness of reinforced concrete 

components is ambiguous. Correlating the post capping stiffness and initial stiffness creates 

large variations in the post capping slope. Instead we propose to use the post capping 

deformation capacity to describe the range after the capping point.  

 

2.3.2 Modifications to Cyclic Deterioration Modeling 

 

The cyclic deterioration modeling rule contained in the original Ibarra-Krawinkler model 

(described in detail in Ibarra et al., (2005)) has been changed in order to be able to account 

for different rates of cyclic deterioration in both loading directions. As observed from 

experimental data included in W-sections database discussed in Chapter 3, in the case of a 

beam with slab, due to composite action, the component deteriorates much slower in the 

positive loading direction when the concrete is in compression compared to the negative 

loading direction when beam bottom flange is in compression and can easily buckle in a 

lateral torsional mode (see Section 3.4.8). In order to account for different deterioration 

rates in both loading directions we introduce the parameter D in the Equation 2.2., 
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/D+ −  = parameter defining the decrease in rate of cyclic deterioration in the positive or 

negative loading direction (e.g. in the case of a composite beam the slab decelerates the 

deterioration in the positive direction). D can only be / 1D+ − ≤ . When the rate of cyclic 

deterioration is the same in both loading directions then / 1D+ − =  and the cyclic 

deterioration rule is essentially the same as the one included in the original Ibarra-

Krawinkler model. Figure 2.17 illustrates the deterioration model capabilities during cyclic 

response if we select to use asymmetric rates of deterioration. More examples are shown in 

Section 3.4.8, where the moment rotation diagrams of composite beams are calibrated. 

 

Definition of reference energy dissipation capacity 

 

In the original model the reference energy dissipation capacity Et for each mode of 

deterioration was expressed as a multiple of Fyδy, with the multiple denoted as γs, γc, γa and 

γk, respectively, for basic strength, post capping strength, accelerated reloading stiffness and 

unloading stiffness deterioration.  Relating the energy dissipation capacity to the yielding 

deformation is not a very stable measure since δy is ill defined in many cases.  For this 

reason it was decided to use the more stable parameter δp to normalize the reference energy 

dissipation capacity. Thus, in the modified model this reference value is expressed as 

 

Et = λ.Fy.δp  (2.8) 

 

where λ can take on different values for the four cyclic deterioration modes, i.e., λs, λc, λa 

and λk.  For plastic hinge rotations it is convenient to introduce the parameter Λ = λθp, since 
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θp is dimensionless and Λ constitutes therefore a reference cumulative plastic rotation that 

can be visualized.  For instance, if λ = 20 and θp = 0.05 rad., then Λ = 1.0. 

 

Post-capping deterioration modeling in the presence of residual strength 

 

In moment rotation data for steel plastic hinge regions it is often observed that the post-

capping strength does not drop to zero and that the hysteresis loops stabilize at a 

considerable value of residual strength (Ricles et al., (2004), Uang et al., (2000a), Cofie and 

Krawinkler, (1983)).  Thus, residual strength needs to be simulated for many steel 

components.  In such cases the need exists to modify the post capping deterioration model 

so that the post-capping tangent stiffness gradually changes from its initial (negative) value 

to a value of zero when the residual strength is attained.  This gradual change in stiffness 

has been implemented in the modified version of the deterioration model as follows. 

 

Assuming that the residual strength FR is a fraction κ of the initial yield strength Fy, i.e.,  

 
/ / /

R yF Fκ+ − + − + −= ⋅  (2.9) 

 

at increment i for positive excursion the updated post capping slope of the deterioration 

model is given by 
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in which 

,cap ia+ : positive post capping slope at positive excursion i 

,initial
capa + : initial post capping slope for positive loading direction defined as, 

 



 

________________________________________________________________________________________ 
Chapter 2                                                                                                    Hysteretic Models that Incorporate… 

32 

,initial c
cap

pc e

Fa
Kθ

+
+

+=
⋅

 (2.11) 

 

RF + : residual strength for positive side (the yield strength for the deterioration model can be 

different of positive and negative side) 

,y iF + : yield strength for positive excursion i 

At increment i for negative excursion the updated post capping slope of the deterioration 

model is given by 
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in which, 
 

,cap ia− : negative post capping slope at negative excursion i 

,initial
capa − : initial post capping slope for negative side defined as, 
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 (2.13) 

 

RF − : residual strength for negative side 

,y iF − : yield strength for negative excursion i 

 

Figure 2.18 illustrates the update strategy for the post capping deterioration modeling in the 

presence of residual strength using a bilinear model since stabilization of the hysteretic 

behavior is mostly observed in steel specimens. The same rules have been implemented in 

the peak-oriented and pinching model. Assuming that the residual strength in the positive 
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loading direction is FR
+ as illustrated in the figure, the reference cap point for each 

excursion is defined based on the originally assumed post capping slope κc
1,+ after we 

consider post capping strength deterioration. The linear post capping branch is then defined 

by the new capping strength of the current excursion and the updated slope κc
2,+ using 

Equation (2.12) (see dashed lines in Figure 2.18). When the model reaches the residual 

strength (see Figure 2.19), it stabilizes and no longer deteriorates in strength. As observed 

in Figure 2.19, unloading stiffness deterioration continues even if the model reaches the 

residual strength. This modeling process is based on observations from experimental data 

(Ricles et al., 2004, Uang et al., 2000a). 

 

The modified Ibarra-Krawinkler model is employed in all the case studies illustrated in the 

report.  All the calibrations and regression results discussed in Chapters 3 and 4 are based 

on this model, and so are the collapse predictions discussed in Chapters 7, 8 and 9. 

Examples of calibrations after utilizing the modified Ibarra-Krawinkler deterioration model 

are shown in Chapter 3. 

 

 

2.4 Summary and Observations 

 

In this chapter we reviewed a number of deterioration models that have been used widely in 

research studies. After evaluating an extensive number of experimental data from the three 

databases on steel and RC components discussed in Chapter 3, we refined the original 

Ibarra-Krawinkler deterioration model. Some of the new terms (θp, θpc λ οr Λ) used to 

define the backbone curve and cyclic deterioration are refinements of the original model 

definitions and, in general, are considered to be more stable parameters compared to the 

original input parameters. In summary the modified Ibarra-Krawinkler deterioration model 

allows the simulation of: 
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1. A complete loss of strength as observed, for instance, as a consequence of ductile 

tearing in steel components. 

 

2. Asymmetric hysteretic behavior of the components including different rates of 

cyclic deterioration in both loading directions. This is important for beams with a 

slab since due to composite action the component may deteriorate much slower in 

the loading direction in which the concrete is in compression compared to the 

loading direction in which the beam bottom flange is in compression. The backbone 

curve for the two loading directions can also be fully asymmetric. 

 

3. Stabilization of strength at a residual value, as is observed often in steel beam 

specimens at relatively large inelastic deformations. 

 

All these modifications of the Ibarra-Krawinkler model have been implemented for 

bilinear, peak-oriented and pinched hysteresis models. 
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Table 2.1.  Summary of capabilities of reviewed hysteresis models 

Basic PostCap 
Strength

Unloadi
ng 

Stiffness

Strength Det. Det.
Det.

Clough & Johnston & 
Modifications X X X X X X O O

Takeda Model X X X X X X O O
Bouc-Wen &
modifications

Ramberg-Osgood O O X X O X O X
Kunath et al., Model O O X X O X O O

Syvaselvan & Reinhorn O O X X O X O X
FEMA -356 O X O O X X X X

Yield – Line Plastic 
Hinge Models O O O O O O O O

Song-Pincheira X X O O X X O O
Ibarra - Krawinkler X X O O O O O O

Modified Ibarra 
Krawinkler X X O O O O O O

Model Cyclic 
hardening

Bausch. 
effect

Strength 
capping

O O X X O

Residual 
strength

Cyclic deterioration

Accel. 
Stiffness 

Det.

O X O

 
O = specified behavior mode incorporated in model 

X = specified behavior mode not incorporated in model 
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 (a) Original Clough and Johnston model (b) Modified Model 
 
Figure 2.1.  Peak – oriented (Clough) degrading stiffness model (after Clough and Johnston, 

(1965)) 
 

 
Figure 2.2.  Hysteretic model by Sucuoglu and Erberik (2004) 
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Figure 2.3.  Takeda hysteresis model (After Takeda et al. (1970)) 

 
Figure 2.4.  Bouc-Wen Model; separation of linear restoring force component from 

hysteretic restoring force component (Foliente, 1995) 
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Figure 2.5.  (a) Strength degradation, (b) Stiffness degradation (Foliente, 1995) 

 
 

Figure 2.6.  Hysteresis pinching – Baber and Nouri Model (Foliente, 1995) 
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Figure 2.7.  Simulations obtained with BWBN Model (Foliente, 1995) 
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Figure 2.8.  Ramberg-Osgood model (Carr, 2003) 
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Figure 2.9.  Example of calibrations of Sivaselvan and Reinhorn model (SAC Joint Venture 

1996) 
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Figure 2.10.  Monotonic yield line plastic hinge model deformation (after Lee and 
Stojadinonic, 2004) 

 

 
 

Figure 2.11.  General force-deformation behavior of structural components (FEMA 356, 

2000) 
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(a) 

 

 
(b) 

 

 
(c) 

 
Figure 2.12.  Song-Pincheira model; (a) backbone curve, (b) hysteresis rules for cycles of 

increasing def. amplitude, (c) hysteresis rules for small amplitude or internal cycles (after 

Song and Pincheira, 2000) 
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Figure 2.13.  Backbone curve of Ibarra-Krawinkler model, and associated definitions (after 

Ibarra et al., 2005) 
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Figure 2.14.  Individual deterioration modes for Ibarra-Krawinkler model, illustrated on 

a peak-oriented model (after Ibarra et al., 2005) 
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δc = cap deformation (deformation associated with Fc for monotonic loading) 
Fy = effective yield strength, incorporating “average” strain hardening 
δy = effective yield deformation ( = Fy/Ke) 
Ke = effective elastic stiffness 
Fr = residual strength capacity 
δr = deformation at residual strength 
δu = ultimate deformation capacity 
δp = plastic deformation capacity associated with monotonic loading 
δpc = post-capping deformation capacity associated with monotonic loading 
 
Fc/Fy = post-yield strength ratio 
Fyp = predicted effective yield strength (predicted from measured material properties) 
Fyn = nominal effective yield strength (predicted from nominal material properties) 
 

κ = residual strength ratio = Fr/Fy 
 

Strain hardening ratio αs= Ks/Ke = [(Fc/Fy)/δp]/Ke 

Post-capping stiffness ratio αc= Kpc/Ke = (Fc/δpc)/Ke 
Fc = strength cap (maximum strength, incorporating “average” strain hardening) 

 

Figure 2.15.  Backbone curve of modified Ibarra-Krawinkler model, and associated 
definitions 
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Figure 2.16.  Illustration of fracture incorporation in the modified Ibarra Krawinkler model; 
(a) fracture occurs after specimen reaches the residual strength path, (b) fracture occurs 

before the specimen reaches the residual path  
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(a) for symmetric backbone curve  

 
(b) for asymmetric backbone curve  

 

Figure 2.17.  Illustration of different rates of cyclic deterioration based on the modified 
Ibarra-Krawinkler model 
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Figure 2.18.  Update strategy for the post capping strength deterioration modeling in the 

presence of residual strength. 
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Figure 2.19.  Stabilization of the hysteretic loop when the model reaches the residual 

strength value 



 

________________________________________________________________________________________ 
Chapter 3                                                                                                 Component Databases and Calibration 

 49

CHAPTER 3 

COMPONENT DATABASES AND CALIBRATION 
 
_________________________________________________________________________ 

 
 

3.1 Purpose and Scope 

 

The missing aspect of comprehensive modeling of the deterioration characteristics of 

structural components is the availability of relationships that associate parameters of 

available deterioration models, such as the ones proposed in Ibarra et al. (2005) and 

summarized in Section 2.3, with geometric properties and detailing criteria that control 

deterioration in actual structural elements. In order to provide information for deterioration 

model parameters in support of collapse assessment of structural systems, a data collection 

of component tests is needed in a consistent format that permits validation and calibration 

of existing deterioration models. For this purpose, three databases have been developed for 

steel (wide flange beams and columns and a separate data collection for steel tubular 

sections) and concrete elements under cyclic bending moments (Lignos and Krawinkler, 

2007). 

 

At this time a small number of databases exist that provide partial information on 

component hysteresis of steel beams/connections (SAC, 1998) and reinforced concrete 

columns [e.g. PEER database (Berry et al., 2004), Panagiotakos and Fardis (2001), SAC 

database (http://www.sacsteel.org/connections/) Hoshikuma et al. (1997)]. In this chapter 

the main features of the database development and calibration process are discussed 

together with information related to statistical evaluation of material properties and 

deterioration modeling parameters. Trends of modeling parameters with respect to 

individual geometric or cross-sectional properties are also presented and discussed, 
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ignoring the effects of correlations between these properties. Trends with respect to 

combinations of these properties are addressed in Chapter 4 with the use of multivariate 

regression analysis. 

 

 

3.2 Database Development 

 

The database development effort was by far the most time consuming activity of this work, 

as it necessitated many attempts to solicit data from experimentalists and required manual 

input of metadata and in many cases of experimental results into the database.  The 

information most needed for calibration of a deterioration model is a complete set of load-

displacement and moment-rotation hysteretic response histories of a test specimen. In many 

cases these response histories are available only in graphical format and have to be hand-

digitized for incorporation in the databases. To facilitate this effort a digitization software 

called Digitizer was developed (Lignos and Krawinkler, (2007)) in JAVA – programming 

language (Sun, 2007) that provides the aforementioned digitized data of interest. 

 

The databases contain data in the following three categories: (1) metadata (configuration, 

geometry, properties); (2) reported results (measurements and observations as reported in 

test documentation); and (3) deduced data (information deduced from metadata and 

reported data for the purpose of calibration of deterioration models). A short description of 

the components of the databases is provided in Appendix A together with an abbreviated 

database notation and a table of only the specimens used for data evaluation included in this 

chapter and Chapter 4. The complete database notation together with the set of data can be 

downloaded through the NEESCentral repository (https://central.nees.org/). 

 

Three databases have been developed, one for steel W-sections [mostly beams but also 

some columns, Newell and Uang (2006)], one for tubular sections that are primarily used in 

Japan for columns of low and mid-rise steel construction, and one for reinforced concrete 
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beams (including columns with a compression force less than 15% of the compressive 

strength, which is defined as the concrete compressive strength f’c times the gross cross 

section area Ac).  At this stage of database development the steel database of W–sections 

includes more than 300 specimens, the tubular database includes 113 specimens and the RC 

database includes 200 specimens. 

 

 

3.3 Calibration of Component Model Parameters 
 

The information stored in the databases is utilized to calibrate the cyclic moment-rotation 

behavior of plastic hinge regions in steel and reinforced concrete components. The 

calibration parameters are based on the modified Ibarra-Krawinkler model (Sections 2.3).  

The objective is to develop “complete” moment-rotation relationships (or for that matter 

any force-deformation relationship) that incorporate experimental evidence to quantify 

phenomena (such as cyclic deterioration) that are insufficiently described by presently 

available models of engineering mechanics.  The emphasis is on modeling of component 

behavior at large inelastic deformations that will make it possible to trace the dynamic 

response of structures up to collapse. 

 

3.3.1 Calibrator Interactive Software 

 

An interactive software, named Calibrator, was developed to facilitate the calibration effort 

(Lignos and Krawinkler 2007).  The Calibrator is a pre-processor, developed in MATLAB 

programming language (Mathworks, 2005) that provides an interface between hysteretic 

moment-rotation relationships stored in the database and a single-degree-of-freedom 

(SDOF) inelastic analysis program called SNAP that computes the hysteretic response 

based on modeling parameters input into the interface.  The graphical interface is illustrated 

in Figure 3.1. The Calibrator’s actions are summarized as follows: 
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1. An experimental moment-rotation (M-θ) relationship is imported from a database 

(frame 1 of Figure 3.1(a)) and displayed for visual inspection (Figure 3.1 (b)). 

 

2. Based on the shape of the hysteresis loops of the experimental M-θ relationship a 

basic hysteresis model is selected (in the illustrated case the bilinear model is 

selected, see frame 1 of Figure 3.1(a)). 

 

3. Based on a combination of visual observations and concepts of mechanics, 

backbone curve parameters are input in the interface module (frame 2 of Figure 

3.1(a)).  The backbone curve can be visually inspected to judge its match with the 

experimental result (see Figure 3.1(c)), and its parameters can be altered as deemed 

necessary to improve the match. 

 

4. Cyclic deterioration parameters are input based on judgment and past experience 

(frame 3 of Figure 3.1(a)). 

 

5. The Calibrator calls a tool that simulates the cyclic response, given the model 

parameters (backbone curve and cyclic deterioration parameters) and the history of 

deformation peaks of the experiment.  In the present implementation the SDOF 

analysis program SNAP is used for this purpose since its hysteresis rules incorporate 

the modified Ibarra-Krawinkler model. With few modifications to the source code 

of the Calibrator it is possible to connect the software with other available analysis 

programs that include more hysteresis models for future evaluation. 

6. The simulated hysteretic response is displayed together with the experimental 

results for visual inspection of the match. If the match is judged to be unsatisfactory 

(see left half of Figure3.1(d)), improved backbone and deterioration parameters can 

be input and the process can be repeated until a satisfactory match is achieved (see 

right half of Figure 3.1 (d)) 
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The results of several hundreds of experiments have been utilized in the calibration process.  

The general conclusion is that satisfactory simulations can be achieved in almost all cases, 

and that the parameters obtained from these calibrations show consistent patterns that 

follow established engineering principles.  But it is also clear that these pattern exhibit large 

scatter, which demonstrates that there are large variations in model parameters due to 

various sources, some of which are based on material and construction uncertainties and on 

human errors during specimen fabrication, but others are inherent in the simplifications on 

which the presently employed model is based.  Future research should lead to 

improvements and reduction in the variability of the model parameters. 

 

Some of the challenges encountered in the calibration process are summarized in the 

following sections. It is believed that the quantitative values of deterioration parameters 

provided here are reasonable, but not necessarily accurate.  But they fulfill the intended 

purpose, which is to serve as educated estimates of component properties needed to address 

the issue of collapse prediction of building structures. 

 

3.3.2 Calibration Process Based on Engineering Judgment 

 

This section discusses the process and judgment that was followed in order to select 

representative deterioration parameters for components using the modified Ibarra–

Krawinkler deterioration model. The general process applies in all cases (steel and RC 

specimens). Additional considerations were taken into account though during the 

calibration of specimens of the three databases.  

 

1. The effective elastic stiffness for Ke is based on the following considerations: 

 

a. It should be close to the unloading stiffness at early post-yielding excursions.  

It is observed that this value is rather stable and easy to identify and 

quantify. 
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b. The effective elastic stiffness, Ke for steel specimens (W and tubular 

sections) is obtained by analysis.  If it differs significantly from the 

measured elastic stiffness, the sources for the differences are identified.  

c. For RC specimens the effective elastic stiffness should be close to the 

estimate based on connecting the origin with the close-to-monotonic 

deformation at 0.60 times the yield force. 

 

It is emphasized that in this study the focus is on modeling behavior that affects 

collapse prediction.  Specifically for RC specimens it is likely that the Ke estimate 

proposed here is not a good stiffness value for response prediction at a serviceability 

level. 

 

2. For a steel specimen, the effective yield strength Fy used for the backbone curve 

should account for “average” cyclic (isotropic) hardening, which may be significant 

in steel components.  This is illustrated in Figure 3.2, which shows the response 

from two tests in which the cyclic skeleton (dotted line) curve exceeds the 

monotonic loading curve because the cyclic hardening effect exceeds the 

deterioration effect.  This can be accounted for by assigning an effective yield 

strength to the backbone curve that is somewhat larger than the monotonic yield 

strength.  The amount of cyclic hardening depends on the material used (A36 versus 

A572 or A992) and on the cyclic loading history.  

For an RC specimen the effective yield strength Fy is a compromise between the 

value of yield strength computed from mechanics principles (using measured 

properties) and the judgmental “kink” point of the experimental force-deformation 

result, see Figure 3.3. It usually is larger than the value predicted from mechanics.  

Assistance in identifying this parameter is provided by matching a hardening 

stiffness to the experimental results and intersecting the hardening line with the 

elastic stiffness line. 
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3. The capping strength Fc is equal to or larger than the maximum strength value 

obtained from a monotonic loading test.  A conservative estimate is the maximum 

strength obtained from a cyclic test, but in many cases this may be too low an 

estimate because the cyclic loading protocol may prevent attainment of the 

maximum strength obtained under monotonic loading.  In the calibrations the 

maximum strength from a cyclic test is used unless there are good arguments to use 

a larger value for Fc. 

 

4. For monotonic tests the capping deformation δc is obtained directly from the force-

deformation response curve (see Figure 3.3).  For cyclic tests δc is estimated from an 

iteration process with the Calibrator, using a value that, together with cyclic 

deterioration parameters, results in the best match of the cyclic response (see Figure 

3.1(d) right). 

 

5. An estimate of the post-capping deformation capacity δpc is obtained by using the best 

estimate of the post-capping slope and extending this slope from the capping point to 

the point of zero resistance (see Figure 3.3 for the monotonic case).  It is understood 

this is a simplified estimate of a quantity that is most difficult to evaluate. 

 

6. Based on observations from many cyclic tests of steel specimens, the assumption of a 

residual strength Fr is usually justified for steel components whose primary 

deterioration mode is a combination of local and lateral torsional buckling.  The 

magnitude of Fr is judged from the value of strength at which stabilization of the 

hysteresis loops is observed. It is understood that the residual strength will not stay 

constant at extremely large inelastic deformations, but faithful reproduction of the 

load-deformation response at extremely large deformations is not critical because it is 

found from collapse studies that a structure approaches collapse at a story drift 

between 6% and 10% (see Chapter 8). 
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For RC elements stabilization of inelastic hysteresis loops at large deformations is 

rarely observed from cyclic tests, i.e., deterioration continues until negligible strength 

is reached.  The implication is that a residual strength value is difficult to justify for 

RC components. Hence in most cases the residual strength for RC elements is 

considered to be zero in the calibration process. 

 

 

3.4 Evaluation of Steel W-Section Database  

 

The steel W-section database documents data from experiments on beams or beam-to-

column subassemblies in which inelastic deformations are primarily concentrated in 

flexural plastic hinge regions of W (or H) sections, and in which the primary deterioration 

mode is local and/or lateral torsional buckling. Several cases in which components fail in a 

brittle mode (e.g., fracture around weldments) are in the database but are not included in 

any regression analysis discussed in Chapter 4 unless the sudden failure mode occurs at a 

deformation that is clearly larger than that associated with the mode of behavior evaluated 

through regression (e.g., δu must be clearly larger than δc in order for this test to be included 

in the dataset from which capping point properties are determined).  Various types of beam-

to-column connections are employed in the test specimens, with the connection types 

clearly identified in the database.  Many of the specimens have “reduced beam sections” 

(RBS) in which plastic hinges develop away from the beam-to-column connection.  Since 

1995 the use of RBS has become widespread in U.S. practice for special moment resisting 

frames. 

 

In the data evaluation of modeling parameters presented in Chapters 3 and 4, the data of the 

W-section database are subdivided into RBS data and other-than-RBS data, with the latter 

including all other connection types for which the pertinent model parameters can be 

quantified with confidence. The types of connections incorporated in the other-than-RBS 

category are identified in the database notation section of Appendix A. 
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3.4.1 Statistical Evaluation of Material Properties of US Structural Steel  

 

The steel database provides valuable information regarding material properties variation 

since all material properties obtained from coupon tests for both flange and web are stored 

in separate fields. A statistical study was performed using all the available wide flange 

specimens (beams and columns) of the steel database. Mean value and standard deviation of 

yield and ultimate strength are summarized in Tables 3.1 and 3.2 for both the flange and the 

web of the section, respectively. The values are very comparable with the study by Dexter 

et al., (2000) and Brockenbrouch, (2001). The statistical evaluation was conducted for the 

three main types of structural steel in the United States, A36, A572 Grade 50 and A992 

Grade 50. The tables include the linear correlation coefficient ρ between yield and ultimate 

strength (ρFy,Fu), which is important for reliability based studies. 

 

Figures 3.4 to 3.6 show the yield to tensile strength ratio histograms taken from flange and 

web for the three types of structural steel used in United States together with their empirical 

cumulative distribution function. The mean for each of the data sets is fairly close to values 

reported by Liu, (2003) and Liu et al. (2005). A reason for the small difference in the mean 

values is that the values reported by Liu are based on mill certificates. 

 

3.4.2 Statistical Evaluation of Ratio of Effective to Predicted Bending Strength of Steel 

Beams 

 

As stated in Section 2.3 the modified Ibarra-Krawinkler deterioration model does not 

account explicitly for cyclic hardening. But the effect of isotropic hardening is incorporated 

approximately by increasing the “yield” moment (bending strength) to an effective value My 

that accounts for isotropic hardening “in average”. The use of this effective yield strength 

will typically overestimate by a small amount the predicted bending strength (plastic 

section modulus times material yield strength based on measured material properties, My,p)  

for small cycles, and it might underestimate by a small amount the predicted bending 
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strength for large cycles– presuming that cyclic deterioration is not yet dominating the 

response. 

 

Table 3.3 summarizes the mean and standard deviation of the ratio of effective to predicted 

component yield strength for W-section steel beams with RBS connections and other-than-

RBS connections. 

 

3.4.3 Post-Yield Hardening Stiffness  

 

Post-yield hardening is described by the ratio of the maximum moment on the backbone 

curve (capping moment), Mc, to the effective yield bending strength, My, of the 

deterioration model used in this study. This ratio defines, together with the ratio δc/δy, the 

strain hardening stiffness of the backbone curve. This stiffness is important because of its 

effect on the P-Δ stability of the structural system (Medina and Krawinkler, 2003). Based 

on the evaluation of 297 specimens from the W-section database the mean value of the 

Mc/My ratio for RBS and other-than-RBS connections is 1.09 and 1.11, respectively. The 

standard deviation σMc/My of the two subsets of data is 0.03 and 0.05 indicating that Mc/My is 

a more stable parameter than the “traditional” strain hardening ratio for describing the post-

yield hardening stiffness of a structural component. Statistical values of Mc/My are 

summarized also in Table 3.3. 

 

3.4.4 Trends for Deterioration Modeling Parameters 

 

The following discussion, supported by representative plots, is intended to illustrate trends 

that show the dependence of modeling parameters on selected geometric properties. Since 

for most connection types the number of tests is small and the trends are not sufficiently 

clear to justify a distinction based on connection type, no distinction is made by connection 

type except that RBS connections are treated separately. For the same reason, only beams 

without a slab are considered in this evaluation. The slab effect is treated separately in 
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Section 3.4.6. It is emphasized that the trends alone do not provide sufficient information to 

quantify modeling parameters, because these depend on combinations of geometric and 

material parameters. The development of multivariate regression equations that account for 

these combinations in the quantification of modeling parameters is discussed in Chapter 4. 

Trends for the following four data sets are evaluated: 

 

1. All experiments on beams with other-than-RBS connections (data set 1) 

2. All experiments on beams with RBS connections (data set 2) 

3. Experiments on beams with other-than-RBS connections with depth d ≥ 21” (data 

set 3) 

4. Experiments on beams with RBS connections with depth d ≥ 21” (data set 4) 

 

The full other-than-RBS data set (1) contains many experiments on small sections, which 

are useful to observe trends but conceivably de-emphasize trends for the sizes of sections 

that likely are part of the lateral system in moment resisting frame structures. This is why 

data sets (3) and (4) have been generated. 

 

Trends are illustrated by plotting data points of a model parameter against a pertinent 

geometric parameter. The information presented in the plots is obtained from calibrations in 

which the parameters of the modified Ibarra-Krawinkler deterioration model, summarized 

in Section 2.3, are matched to the experimental moment-rotation relationships of the W-

sections steel database. A typical match was shown on the right side of Figure 3.1(d). It 

should be noted that the data presented here are for deformations in the beams only, and 

that elastic and inelastic (when present) deformations from panel zone and column have 

been subtracted from the total deformations in the case of subassembly tests. A regression 

line is included in the individual plots only to illustrate the overall trends for the modeling 

parameter. In each plot we include also the coefficient of determination R2 in order to get an 
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insight into the “goodness” of linear fit assuming that each one of the geometric parameters 

can be treated as an independent random variable (i.e., the correlation between various 

geometric parameters is ignored). 

 

3.4.4.1 Trends for Plastic Rotation Capacity θp 

 

Effect of Beam Depth d on θp: The dependence of the plastic rotation capacity θp on the 

beam depth d for the full data sets (1) and (2) is presented in Figure 3.7(a) and (b). For 

beams other than RBS the slope of the best fitted curve for data set (1) in the range of 21" to 

36" is much flatter compared to the range of 4" to 21" indicating that the large dependence 

of the plastic rotation capacity on beam depth in the range of 4" to 21" is mostly driven by 

the incorporation of small sections in the database. As stated earlier data set (1) includes 

sections with a depth varying from 4" to 36". In typical steel buildings the range of beam 

sections used is larger than 21" [data set (3)]. For these beam sizes the dependence on d is 

illustrated in Figures 3.7(c). The observation for beams other than RBS is not confirmed for 

beams with RBS (see Figures 3.7(b, d)) since there is a clear dependence of θp on d. 

 

Effect of span to depth ratio L/d on θp: Based on simple curvature analysis the plastic 

rotation capacity for a given beam section is expected be proportional to the beam span L 

(distance from plastic hinge location to point of inflection). Figure 3.8 (a), which shows the 

dependence of θp on L/d for the full data set of beams with other-than-RBS connections, 

partially supports this perception. But the perception does not hold true when only beams of 

depth larger than 21" are considered (see Figures 3.8(c) and (d)). For the range W21 to W36 

θp is only weakly dependent on L/d. The reason is that most deep beams are susceptible to a 

predominance of web buckling and lateral torsional buckling, and both of these 

susceptibilities increase with a decrease in the moment gradient (more uniform moment, as 

implied by an increase in the L/d ratio).  This phenomenon offsets the curvature integration 

effect of a larger plastic hinge length. The consequence are the following observations for 

beams with depth ≥ 21”: 
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• The plastic rotation capacity is not very sensitive to the beam span (i.e., the length 

of the plastic hinge regions) 

• A description of beam plastic deformation capacity in terms of a ductility ratio θp/θy 

is misleading because θy increases linearly with L (for a given beam section) but θp 

does not. 

 

Effect of Lb/ry on θp: Lateral torsional buckling of a beam is associated with the Lb/ry ratio. 

Lb is defined here as the distance from the column face to the nearest lateral brace, and ry is 

the radius of gyration about the weak axis of the beam. Figure 3.9 illustrates the effect of 

lateral torsional buckling ratio on the plastic rotation capacity for the two data sets with 

specimens that have d>21". It is observed that a decrease in Lb/ry is not very effective in 

improving the plastic rotation capacity θp, particularly for beams other than RBS. Based on 

Figure 3.9(b) for beams with RBS Lb/ry has a small effect on θp compared to the negligible 

effect on θp of beams other than RBS (see Figure 3.10(a)) but the latter data set exhibits 

more scatter since the connection types included are not the same. The same observation 

regarding beams with RBS was made by Yu et al. (2000) and Uang et al. (2000a) in an 

experimental study on RBS connections, in which the insertion of additional lateral bracing 

close to the RBS portion of a beam had a small effect on θp. This is illustrated in Figure 

3.10 in which we compare the cyclic behavior of “identical” beams with RBS. The only 

difference between the two test specimens is the addition of supplemental lateral bracing 

near the RBS region for the beam in Figure 3.10(b) (Lb/ry = 52.0 versus Lb/ry = 36.3). As 

seen from the calibrated moment rotation diagrams the effect of the additional brace on θp is 

not important. 

 

Effect of Width to Thickness Ratio of the Beam Flange (bf/2tf) on θp: Figures 3.11(a) 

and 3.11(b) show the dependence of plastic rotation capacity of beams other-than-RBS and 

beams with RBS on the bf/2tf ratio, which is an indicator for flange local buckling. Both 

data sets have a d ≥ 21". The data indicate that θp is not very sensitive to the bf/2tf ratio (for 
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the range of relatively low bf/2tf values of the experiments contained in the database) and in 

particular for beams with RBS. - if bf/2tf is treated as an independent random variable. On 

the other hand, a small bf/2tf ratio often implies a narrow wide flange beam with small ry 

and a large d/tw, both of which have a detrimental effect on θp.  This possibly conceals the 

importance of bf/2tf on θp. 

 

Effect of Depth to Thickness ratio of the Beam Web, h/tw on θp: Figures 3.12(a) and 

3.12(b) show the dependence of θp on h/tw ratio, in which h is the clear web depth used for 

compactness checks based on AISC, 2005, and tw is the web thickness of the beam section, 

for the full data sets (1) and (2) (beams with RBS and other-than-RBS). For both data sets 

h/tw has a large effect on plastic rotation capacity. When specimens with d ≤ 21" are 

eliminated from both data sets the influence of h/tw on θp becomes smaller compared to the 

full data sets based on Figures 3.12(c) and 3.12(d) but this may be due to the limited data 

since the h/tw range for data sets (3) and (4) is between 30 to 55 compared to 5 to 55 for 

beams other than RBS and 20 to 55 for beams with RBS. Uang and Fan (1999) after 

conducting a statistical evaluation on beams with RBS came to the conclusion that h/tw is 

the primary contributor to plastic rotation capacity of these beams. It should be pointed out 

that in the previous study by Uang and Fan the definition of plastic rotation capacity was 

different (plastic deformation from yield rotation to rotation that beam loses 20% of its 

maximum strength) compared to the one used in here in. The primary reasons for the large 

effect of h/tw on θp are that a section with a large h/tw ratio is subject to early web buckling 

and is more susceptible to lateral torsional buckling (smaller torsional constant and ry). 

 

3.4.4.2 Trends for Post Capping Rotation Capacity θpc 

 

Figure 3.13 shows the dependence of post capping plastic rotation capacity θpc of data sets 

(3) and (4) (beams with d ≥ 21") on various geometric parameters discussed earlier. Based 

on Figures 3.13(a) and 3.13(b) important parameters are h/tw and bf/2tf since local buckling 

triggers lateral torsional buckling, which happens during the late cycles of a loading history 
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of a beam. The effect of Lb/ry οn θpc is more significant for beams with RBS compared to 

beams other-than-RBS based on the R2 values from Figures 3.13(c). A possible reason for 

this may be that the web at the RBS is not adequately restrained because of the flange width 

reduction at the RBS; hence the web buckles easier compared to a beam without RBS, and 

lateral torsional buckling, which is triggered by web buckling, occurs earlier for beams with 

RBS. Figures 3.10(a) and (b) in which calibrated moment rotation diagrams of two tests 

conducted by Uang and Fan (1999) are presented, show the effect of additional bracing on 

θpc. In general the values are in accordance with Figure 3.13(c). 

 

3.4.4.3 Trends for Rate of Cyclic Deterioration Λ 

 

The effect of geometric parameters on the rate of cyclic deterioration, which is defined by 

the cumulative plastic rotation capacity Λ as discussed in Section 2.3, is illustrated in Figure 

3.14 for data sets (3) and (4). Both h/tw and bf/2tf have an important effect on Λ, as seen 

from Figure 3.14(a) and (b). The effect of lateral bracing becomes somewhat important on 

the rate of cyclic deterioration for beams other-than-RBS but is clearly important for beams 

with RBS (see R2
 in Figure 3.14(c)) because lateral bracing delays deterioration due to 

lateral torsional buckling. Uang and Fan (1999) used the ratio of strength at 0.03rad plastic 

rotation over the strength at 0.02 rad plastic rotation to define the rate of cyclic deterioration 

of beams with RBS. They also concluded that additional bracing near the RBS delays the 

rate of cyclic deterioration. The same conclusion can be drawn from the calibrated moment-

rotation diagrams in Figures 3.10.  

 

Uang et al (2000b) conducted three tests with beams with RBS and deep columns. They 

concluded that the column flange connected to the beam is likely to experience severe out-

of plane bending or column twisting since (1) beams with RBS tend to ”kick-out” in the 

lateral direction, introducing torsion in the column, and (2) the torsional property of deep 

sections tends to produce higher warping stresses in the column. 
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3.4.5 Statistical Evaluation of Deterioration Modeling Parameters 

 

A different way of representing the data discussed in the previous paragraphs is in the form 

of cumulative distribution functions, CDFs, which reveal statistical characteristics but do 

not display dependencies on individual parameters. The CDFs for θp, θpc, and Λ are shown 

in Figures 3.15 to 3.17 for beams other-than-RBS and RBS sections. CDFs are presented 

for the full set of data [data sets (1) and (2)] and for the data sets with d ≥ 21" [data sets (3) 

and (4)]. The curves shown in each plot represent log-normal distributions fit to the data 

points. A Kolmogorov-Smirnov test (Benjamin and Cornell, 1970) was conducted to 

compare the values in each data set with the log-normal distribution. The CDFs for the four 

data sets are comparable, but in general the median value of the modeling parameters for 

beams with other-than-RBS connections is smaller than that for beams with RBS 

connections, and the dispersion is larger. One reason is that data sets (1) and (3) include 

specimens with different types of connections. Table 3.4 summarizes the median and 

standard deviation of deterioration modeling parameters for the four data sets. Tables 3.5 to 

3.8 summarize the correlation coefficients between model parameters for the 4 data sets. 

Esteva and Ruiz (1989) reported similar values for correlation coefficients of deterioration 

parameters. Their values were based on analytical simulations but not on experimental 

evidence. The correlation coefficients between model parameters are valuable for studies 

related to quantification of modeling uncertainties on collapse capacity of structural 

systems. 

 

3.4.6 Slab Effect 

 

An important modeling issue is the effect of composite action in steel beams. Ricles et al. 

(2004) tested a series of deep beams to investigate the effect of a slab in a subassembly with 

RBS connections under symmetric loading histories (Figure 3.18). It is evident that the 

behavior of the subassembly is asymmetric in the two loading directions. Typically, due to 

composite action the component deteriorates much slower in the positive loading direction 
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when the concrete is in compression compared to the negative loading direction when beam 

bottom flange is in compression and can easily buckle in a lateral torsional mode. For the 

example illustrated in Figure 3.18 the plastic rotation capacity is about 3.5% versus 1.5% in 

the two loading directions. 

 

The implication is that the backbone curve and cyclic deterioration rates in the two loading 

directions should be different if a composite slab is added to the beam.  These differences 

are incorporated in the modified Ibarra-Krawinkler model to account for slab effect as 

discussed in Section 2.3. 

 

For a composite beam of an exterior moment resisting frame (slab only on one side of the 

beam) the effect of slab on the rate of cyclic deterioration in the two loading directions may 

not be significant based on recent test series by Ricles et al. (2004). The same rate of cyclic 

deterioration is used for both directions in the example illustrated in Figure 3.18, which 

shows one of the calibrated Ricles et al. (2004) specimens included in the W-section 

database.  

 

For composite beams part of an interior moment resisting frame, the effect of slab on the 

rate of cyclic deterioration becomes important as illustrated in Figure 3.19, which shows the 

results of two cyclic tests conducted recently in Japan as part of the E-Defense collapse 

testing program of a full scale 4 –story building. The calibrated moment-rotation diagrams 

presented in Figure 3.19 are for identical subassemblies, except that the specimen shown in 

Figure 3.19(b) has a composite beam. 

 

For the tests in the W-section database the strength of a composite beam when the slab is in 

compression is typically 25% to 30% higher than the strength of the bare section as seen in 

Figure 3.19(b). For a composite beam with a gap between the slab and the column face the 

strength of the beam in the two loading directions is almost the same, as shown in a test 

series for beams with RBS conducted by Tremblay et al (1997). Figure 3.20 shows the 
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calibrated moment-rotation diagrams for two identical beams with RBS conducted by 

Tremblay et al. The test presented in Figure 3.20(b) includes a composite beam (same W–

section with the one in Figure 3.20(a)), but with a gap between the slab and the column. 

The cyclic deterioration parameters in both loading directions are almost the same as seen 

from the figure. We should also mention that along the RBS region no shear studs have 

been provided in this specimen. 

 

3.4.7 Residual Strength 

 

Most steel elements whose hysteretic behavior deteriorates due to local instabilities, 

approach stabilization of the hysteretic response at large inelastic deformations.  This 

stabilization occurs at a residual strength that is a fraction of the yield strength. In many of 

the test of the W-section database the loading program was terminated before the residual 

strength was attained, which means that relatively sparse data exists on residual strength. In 

some cases ductile fracture occurred before stabilization of hysteresis loops was observed 

or the test stopped before residual strength was attained (e.g., Figure 3.21(a)), and in most 

other cases the amount of residual strength was difficult to quantify (see Figure 3.21(b)). It 

is presumptuous to state that full stabilization occurs, but it is observed that the rate of 

deterioration becomes small enough to be neglected in analytical modeling. Based on an 

evaluation of the data sets of W-sections discussed in this chapter a residual strength ratio κ 

of about 40% for both sets (3) and (4) is suggested, but this value is considered only an 

estimate that is based on insufficient data.  This value is based on data points plotted in 

Figure 3.22, in which κ is presented as a function of beam depth d for cases in which an 

estimate of residual strength could be made. Recall that κ is the ratio of residual strength 

(Mr) to effective yield strength (My). It should be noted that more experiments with very 

large deformation cycles are needed in order to assess residual strength with more 

confidence. Moreover, it is understood that residual strength cannot be maintained for 

extremely large deformation cycles. But for modeling purposes concerned with collapse of 

structures it is justified to assign some residual strength to steel beams, since the collapse 
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capacity of frame structures is attained when the plastic hinge rotations in beams are on the 

order of 6 to 10%. 

 

3.4.8 Ductile Tearing 

 

At very large inelastic rotations, cracks may develop in the steel base material at the apex of 

the most severe local buckle, and rapid crack propagation will then occur followed by 

ductile tearing and essentially complete loss of strength (see Ricles et al. 2004 for 

illustrations).  The rotation associated with this rapid loss of strength is denoted as the 

ultimate rotation θu (experiments in which brittle fracture occurred are not part of this 

evaluation). This rotation depends on the loading history and may be extremely large for 

cases in which only a few very large cycles are executed (e.g., near-fault loading history). 

Estimates of θu are made here only for experiments with step-wise increasing cycles of the 

type required in the AISC seismic specifications (2005). For beams with RBS, an estimate 

of θu is 0.06 to 0.07 radians based on data from Ricles et al. (2004), Fry et al. (1997), and 

Engelhardt et al. (2000). For beams other-than-RBS an estimate of θu is 0.05 to 0.06 radians 

(Ricles et al. 2000, Kasai et al. 1996, Allen et al. 1996). Based on the case studies included 

in Chapter 8 and based on other analytical studies (Ibarra and Krawinkler, 2005, Zareian 

2006) most structures collapse attain their collapse capacity around 6% to 10% maximum 

story drift ratio indicating that ductile tearing will not be critical in most of the cases.  

 

For monotonic loading such as that experienced under near-fault ground motions or in case 

that a structure is drifting in one direction to collapse θu is significantly larger. In the 

component testing program for the scale model connections discussed in Chapter 6 for 

various loading histories we observed ductile tearing at 0.37 rad. based on component 

histories obtained from the Buffalo shaking table tests compared to 0.07 rad. under 

symmetric loading protocol. 
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3.4.9 W-Columns 

 

Columns are susceptible to local and lateral torsional buckling of the type documented for 

beams, except that the susceptibility to lateral torsional buckling likely is higher than for 

beams because: (1) the column boundary conditions at the top of a story are often 

ambiguous and depend on local detailing; (2) the moment diagram in the inelastic range 

may be far from that indicated by elastic analysis and may cause single curvature bending 

between adjacent floors (Gupta and Krawinkler, 1999, Medina and Krawinkler, 2003); and 

(3) the presence of axial load effects.  This may not be a major issue for heavy W14 

columns, but deserves much consideration for deep column sections, particularly those with 

large rx/ry and d/tw ratios (FEMA (2000-c)). 

 

Newell and Uang (2006) tested a series of shallow and heavy W14 sections under the 

presence of axial loads showing that these types of columns have a large θp, given that d, 

Lb/ry, bf/2tf, and d/tw are relatively low. Figure 3.23 shows the deduced moment rotation 

diagram of one of the tests conducted by Newell and Uang (2006). 

 

None of the tests found in the literature utilizes deep column sections in which plastic 

hinging occurs in the column. Based on tests of beams with RBS that are part of exterior 

subassemblies with deep columns (W27) (but without axial load and no variation of column 

moment gradient) Uang et al (2000b) concluded that for small column rx/ry and d/tw ratios 

the RBS region may cause twisting of the column. 

 

 

3.5 Evaluation of Steel Hollow Square Column Section Database 

 

Most low and mid-rise buildings built in Japan have steel moment resisting frames with 

tubular columns.  Examples are the 4-story building tested recently at E-Defense in Miki, 

Japan, and the 15-story frame designed by Kajima Corporations. Seismic performance of 
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both structures is discussed in Chapter 8 of this study. To support collapse assessment of 

steel moment frames with tubular columns, a separate database of steel hollow square 

sections (HSS) has been developed.  A total of 113 monotonic and cyclic tests have been 

collected, based on experimental research that has been conducted by Japanese researchers 

[Tsuda and Matsui (1998), Tsuji and Nakatsura (1996), Kurata et al. (2005), Kawaguchi 

and Morino (2001), Yamanaka and Yamada (1984), and Sugiyama and Igarashi (1986)]. 

Hajjar et al. (1996), Hajjar (2000), and Tort and Hajjar (2004) developed a database of 

rectangular concrete – filled steel tubes (CFT) for performance – based design and 

evaluation of distributed and concentrated plasticity analytical models for cyclic analysis of 

CFT columns [Hajjar et al. (1997a, 1997b), Hajjar et al. (1998)]. 

 

Since tubular sections are used primarily for columns, the variation of the applied axial 

force (expressed by the ratio of applied axial force Ν over yield axial force Νy) becomes an 

important parameter. For instance, Kouchi and Yamada (1984) conducted a test series in 

which this ratio was varied from zero to 0.60.  The tubular section database contains 

moment-rotation relationships in which the P-delta effect, which depends on the test 

configuration, is accounted for explicitly by taking into account a second order moment. 

Since there are a large number of monotonic tests in the steel tubular section database, the 

following two sets of data are considered in the calibrations utilizing the modified Ibarra-

Krawinkler deterioration model: 

 

1. All experimental data on tubes  

2. All experimental data on tubes tested monotonically 

 

Similarly to the W-sections database a straight line is included in the plots based on linear 

regression analysis in all the scatter plots showing dependences of deterioration modeling 

parameters on D/t (D, t are the depth and thickness of the hollow square section, 

respectively) and N/Ny. This line serves only to illustrate trends for deterioration modeling 
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parameters. The combined effect of D/t and N/Ny on model parameters is treated separately 

in Chapter 4 with the use of multivariate regression analysis. 

 

3.5.1 Trends for Deterioration Modeling Parameters 

 

3.5.1.1 Plastic Rotation Capacity θp 

 

For both data sets both D/t and N/Ny have a strong effect on the plastic rotation capacity of a 

tubular column. Figure 3.24 shows the trends for plastic rotation capacity θp with respect to 

D/t and N/Ny for the full data set (Figure 3.24(a)) and the monotonic data set only (Figure 

3.24(b)). In the range of D/t=20 to 33 θp the data set exhibits large scatter primarily due to 

variations or axial load.  

 

After separating the monotonic tests from the full set of data (see Figure 3.24(b)) the 

sensitivity of θp to D/t and N/Ny is almost the same as for the full data set. The trends based 

straight line for both data sets are almost the same indicating (almost the same coefficient 

of determination R2) that the predicted capping point of the backbone curve for all the 

cyclic tests included in the database may be close to the capping point of a monotonic test 

of the same specimens.  

 

3.5.1.2 Post Capping Plastic Rotation Capacity θpc 

 

Figure 3.25 illustrates the effect of D/t and N/Ny on the post capping plastic rotation 

capacity θpc for the full data set (Figure 3.25(a)) and the monotonic data set only (Figure 

3.25(b)). From these figures it can be confirmed that column sections with relatively small 

D/t ratio (D/t ≥40) or high axial load ratio (N/Ny ≥ 0.3) degrade relatively fast (if N/Ny and 

D/t ratios are treated as independent random variables) As seen from Figures 3.25(a) and 

3.25(b) the tendencies for θpc slightly differ when the monotonic tests are isolated from the 

total data points primarily due to the fact that for the cyclic tests the values of θpc are based 



 

________________________________________________________________________________________ 
Chapter 3                                                                                                 Component Databases and Calibration 

 71

on judgment. For the monotonic data set most of the specimens are pushed far enough, i.e. 

θpc is reached, as seen from Figure 3.26 on two examples from monotonic tests conducted 

by Sugiyama and Igarashi, (1986). 

 

3.5.1.3 Rate of Cyclic Deterioration Λ 

 

Figure 3.27 shows the dependence of Λ on D/t and N/Ny ratios. The rate of cyclic 

deterioration may increase rapidly for a small increase of D/t ratio.  With one exception the 

D/t ratio in these plots is less than 40 because cyclic tests with larger D/t values could not 

be found. Similar trends are observed from the same figure regarding the effect of N/Ny on 

Λ. No cyclic tests could be found in the data set with axial load ratios larger than 0.5. 

 

3.5.2 Residual Strength 

 

For a number of specimens included in the tubular section database the rate of deterioration 

becomes small enough at large cycles to be neglected in analytical modeling, i.e. a residual 

strength is reached. Figure 3.28 shows that the dependence of the residual strength ratio κ 

on D/t and Ν/Νy for the test specimens in which it was possible to observe residual strength. 

Based on the presented data an estimate for the residual strength ratio κ = 0.25 appears to be 

reasonable since there is not much data available that shows clearly that stabilization 

occurred. 

 

3.5.3 Statistical Evaluation of Deterioration Modeling Parameters 

 

Statistical information on deterioration model parameters for tubular column sections is 

presented with the use of cumulative distribution functions (CDFs). Figure 3.29 shows the 

CDFs for θp, θpc and Λ for the entire data set. A lognormal distribution was assumed to fit 

the calibrated values of modeling parameters. A K-S test was conducted and the hypothesis 

testing showed that the assumed distribution is representative. The standard deviation (β) of 
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the logarithmic data is also shown in the figures.  The standard deviation is relatively large 

in all cases because of the strong dependence of the modeling parameters on D/t and N/Ny. 

Note that in Figures 3.29(a) and 3.29(b) the CDFs of θp and θpc based on monotonic tests 

only have been superimposed for comparison purposes. As seen from the figures the mean 

and β values of the monotonic data are very similar to the ones of the entire set of data 

indicating that the calibrated modeling parameters based on cyclic tests are not far from 

those of monotonic tests. In support of reliability studies Table 3.9 summarizes the 

correlation coefficients between modeling parameters for tubular steel columns based on 

the total data set available. Table 3.10 summarizes the correlation coefficients between θp 

and θpc based on monotonic tests only. As seen from the two tables the correlation 

coefficients between θp and θpc are approximately the same for all data and the monotonic 

data. 

 

 

3.6 Evaluation of Reinforced Concrete Database 

 

In support of collapse assessment of concrete structures a concrete database of beams and 

columns with relatively low axial load ratio (P/Py ≤ 0.15) was developed. As described 

earlier in this chapter the database contains 200 specimens. Only specimens in which the 

beams fail in flexure are included in the data set. Many of the specimens in the database 

were not tested to sufficiently large deformations to permit a clear determination of the 

capping point and of post–capping behavior. The same observation has been made by 

Haselton et al (2006), who calibrated RC plastic hinge deterioration models from a database 

of columns assembled by Berry et al. (2004). For the calibration of the moment-rotation 

diagrams of the RC components included in the database the peak-oriented model following 

the rules of the modified Ibarra-Krawinkler deterioration model is used. The exponent c, 

which controls the rate of cyclic deterioration for both loading cycles, was set to be 1.0. For 

the sake of simplicity all four modes of cyclic deterioration were assumed to have the same 

Λ value. Exceptions are cases in which the unloading stiffness deteriorated at a clearly 
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different rate, in which case a different rate of cyclic deterioration was used for this specific 

mode only. 

 

3.6.1 Quantification of Modeling Parameters for Identical Specimens 

 

One of the main problems for deterioration modeling is the lack of experimental data to 

uniquely identify the backbone curve from a monotonic test and then tune the cyclic 

deterioration parameters to cyclic test data. Most valuable in this regard are test series in 

which nominally identical specimens (it must be recognized that no two test specimens are 

identical) are subjected to different loading histories, including monotonic loading. Only 

two such test series have been found in the literature; one documented in the Kawashima 

database (six specimens by Kawashima et al. (2003)) and the other consisting of 12 

“identical” specimens reported in Liddell et al. (2000). 

Independent calibration was carried out for each of the Liddell tests, as if the results were 

obtained for different specimens.  The modeling parameters obtained from the independent 

calibrations are comparable (with one exception) but far from identical.  The coefficient of 

variation (COV) in effective stiffness is 0.26, and the COV in the cyclic deterioration 

parameter Λ (assuming that the same parameter applies to all deterioration modes) is 0.36.  

A second calibration was performed in order to evaluate the validity of the deterioration 

model, using the average of cyclic deterioration parameters obtained from all the tests and 

backbone curve values obtained from the monotonic loading test (see Figure 3.3). 

 

Figure 3.30 and Figure 3.31 illustrate comparisons between the first and second calibration 

for two different loading histories. The observation that the results are comparable supports 

the concept of using a single set of model parameters for the same component regardless of 

loading history. 

 

The independent calibration of one of the tests of the Liddell test series (Test #6) did result 

in modeling parameters that were very different from the others.  This caused much concern 
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until it was discovered from careful reading of the Liddell report that there was a 

fabrication error during welding of steel studs to the longitudinal reinforcement, which 

strongly affected the material properties of the bar next to the instrumentation stud.  Thus, 

the results of this test were discarded.  The lesson to be learned is that no reliance can be 

placed into a single test results, and that human error have a clear effect on behavior, even 

in laboratory specimens. The fact that a single test cannot provide the information for 

generalization of test results to random loading histories was pointed out already in 

Krawinkler et al. (1983), after conducting an experimental study of steel component 

performance, considering deterioration and failure modes of local buckling in beam flanges 

and of crack propagation at weldments.  

 

3.6.2 Trends for Deterioration Modeling Parameters 

 

Previous work from Fardis and Biskinis (2003), Haselton and Deierlein (2006) on RC 

columns was used to identify the most important material, reinforcement, and detailing 

parameters on which deterioration modeling parameters for beams depend. Some of the 

parameters are listed below together with a series of plots emphasizing the trends for 

deterioration modeling parameters of RC beams. The number of specimens in the RC-

database in which a clear post-capping slope is observed is small since in most of the tests 

the specimen was not pushed to large enough deformations for post-capping behavior to be 

clearly observed. This makes it difficult to accurately predict the post capping slope of an 

RC component. Haselton and Deierlein (2006) point out the same issue after evaluating a 

RC column database of 220 specimens. At this point information only on trends for θp and 

Λ of RC beams is included in this section.  

 

A linear regression line is added in the plots together with the coefficient of determination 

R2 to aid in the visualization of trends of the modeling parameters versus material and 

reinforcement/detailing parameters. 
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Bond-slip indicator variable (asl): Fardis and Biskinis (2003) showed that bond-slip is 

responsible for approximately one-third of the ultimate deformation. They used an indicator 

variable to distinguish between tests where slip is (asl = 1) or is not (asl = 0) possible. 

Haselton and Deierlein (2006) used the same term as Fardis and Biskinis to include bond-

slip in their regression equations. In this research the same expression for asl is used as the 

previous studies. Bond-slip primarily depends on the longitudinal reinforcement anchorage 

and boundary conditions. Based on the concrete database notation six different cases have 

been identified given the longitudinal reinforcement anchorage. Zero bond slip is assumed 

only if the longitudinal reinforcement is anchored by welding the bars into a metal plate. A 

more systematic approach is needed though to evaluate the effect of bond slip on the model 

parameters, in which the deformation due to bond slip is quantified by subtracting the 

deformations due to flexure and shear from the total deformation of the RC component. 

 

Concrete strength (f’c): Fardis and Biskinis (2003) used a concrete strength term that 

causes the predicted deformation capacity to increase with an increase in concrete strength 

(Panagiotakos and Fardis, 2001). Haselton and Deierlein (2006), after their regression 

analysis using the PEER concrete database (Berry et al. 2004), revealed the opposite trend 

and proposed an equation that predicts a decrease in deformation capacity with an increase 

in concrete strength. Figures 3.32(a) and 3.32(b), in which θp, and Λ are plotted versus f’
c , 

indicate that the parameters of the modified Ibarra-Krawinkler model follow the trends 

pointed out in work by Haselton. But the trends are weak, and it is concluded that the 

modeling parameters are not very sensitive to the concrete compressive fc' (the database 

does not include specimens made of high strength concrete).  

 

Confinement effectiveness factor ρsh,eff: and Fardis and Biskinis (2003). used a term for 

confinement effectiveness, , , / 'sh eff sh y sh cf fρ ρ=  where ρsh=Ash/s.b is the area ratio of 

transverse reinforcement in the hinge region (Ash is the bar area, s is the bar spacing, and b 

is the section width). Haselton and Deierlein found this term to be a statistically slightly 

more significant predictor than the transverse reinforcement ratio, but they decided to use 
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ρsh for lateral confinement in the interest of simplicity. Figure 3.33 illustrate the dependence 

of θp, and Λ on ρsh,eff,, which was found to be statistically more significant predictor than the 

transverse reinforcement ratio for all the deterioration parameters. The trends for θp and Λ 

of ρsh,eff  are similar to the work by Haselton et al. for the same parameters and they indicate 

that in a better confined member shear deformations are of less importance, which is 

reflected in larger plastic rotation capacity and less strength deterioration.  

 

Rebar buckling term: Dhakal and Maekawa (2002) investigated the post-yield buckling 

behavior of bare reinforcing bars using a term ( ) ( ),/ /100n b l ys s d F= , in which s is the 

stirrup spacing, db,l is the longitudinal rebar diameter and Fy is the reinforcing bar strength 

of the rebar in MPa units. In the work by Haselton and Deierlein it was pointed out that the 

sn coefficient is a better predictor of element plastic rotation capacity θp than simple stirrup 

spacing. Figure 3.34(a) shows the dependence of θp of RC beams on sn indicating that the 

larger the rebar buckling term the smaller the θp. Figure 3.34(b) shows the trends of Λ with 

respect to sn based on the available data set from the RC beams database. Based on the 

statistical evaluation of the data sn is a slightly better indicator for θp than s/db,l as seen from 

the R2 values presented in Figures 3.34(a) and 3.34(c). 

 

Normalized shear demand Vp/Vn: this parameter is defined as the ratio of the shear 

demand Vp, defined as bending strength divided by shear span, over the expected shear 

strength Vn of the member as defined in ACI-318-05 code requirements. Figure 3.35 

illustrates the effect of Vp/Vn on various modeling parameters. The plots indicate that this 

ratio primarily affects the rate of cyclic deterioration Λ. This observation agrees with the 

work by Haselton et al.  

 

The axial load ratio v, which is an important variable for column behavior and has been 

incorporated by Fardis et al. and Haselton and Deierlein (2006) is not considered in this 

work since in our RC database the emphasis is on experimental data for RC beams; hence 
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in most of the cases v is zero. For the column specimens that are included in the RC 

database the axial load ratio was intentionally kept below 0.15. 

 

The shear span ratio Ls/h is notably absent from any trend plots.  The statistical evaluation 

of the data consistently showed Ls/h to be statistically insignificant. The relative 

unimportance of this predictor indicates that a rotation capacity concept based on curvature 

integration is not well-supported by this data set. Haselton et al. (2006) reached the same 

conclusion after evaluating 223 column specimens.  This finding differs from the 

conclusions drawn by Panagiotakos and Fardis (2001), which are based on the evaluation of 

a database of more than 1000 specimens. 

 

3.6.3 Statistical Evaluation of Deterioration Modeling Parameters 

 

Similarly to W-section and steel tubular section databases it is valuable for reliability 

studies to present the deterioration modeling parameters by means of CDFs. Figure 3.36 

shows the CDFs of θp and Λ of the RC beams included in this data set, assuming a 

lognormal distribution for each of the deterioration parameters based on a K-S test. The 

dispersion for Λ is very large, which in part is due to the variety of specimens contained in 

the database but in part is due also to the extensive use of judgment in quantifying these 

deterioration parameters. 

 

 

3.7 Summary and Conclusions 

 

In this chapter the development of 3 databases of the hysteretic behavior of steel 

components (W-sections and square tubular columns) and reinforced concrete beams is 

discussed. The three databases contain data in the following three categories: (1) metadata, 

(2) reported results and (3) deduced data, and serve as the basis for validation and 

improvement of analytical models that explicitly account for deterioration in strength and 
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stiffness. An interactive software named Calibrator was developed in order to facilitate the 

calibration process for force-deformation relationships of structural components included in 

the databases.. The Calibrator is a pre-processor that provides an interface between 

information stored in the database, i.e. moment rotation relationships, and an SDOF 

inelastic analysis program that computes hysteretic response based on the modified Ibarra-

Krawinkler model. 

 

Based on an evaluation of steel W-sections database we provide: 

 

1. Statistical information (mean, standard deviation and correlation coefficients) for 

material properties of the main types of structural steel in United States, A36, A572 

Grade 50 and A992 Grade 50. 

2. Statistical information (mean and standard deviation) of the ratio of effective to 

nominal yield bending strength of steel beams, which is an “average” measure of 

cyclic hardening. 

3. Statistical information on post yield hardening, defined by the ratio of capping 

strength over the effective yield strength of the component. From the evaluation it is 

concluded that the Mc/My ratio, together with the quantity θc -  θy, is a more stable 

parameter to describe the post yield hardening stiffness than the “traditional” strain 

hardening ratio. 

4. Trends for modeling parameters, after categorizing the connections into beams 

other-than-RBS and RBS sections. Based on the observed trends, and treating each 

geometric parameter of the component as an independent variable, it is concluded: 

a. The apparent strong dependence of θp on the beam depth d is primarily 

driven by the incorporation of small sections for beams other than RBS in 

the database. For W21 sections and larger the dependence of θp on the beam 

depth d still exists but is not very strong for beams other than RBS. For 

beams with RBS the effect of d on θp is more significant compared to beams 

other than RBS possibly because of the flange reduction in the RBS region. 
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b.  Similarly, for the range W21 to W36, θp is only weakly dependent on the 

span to depth ratio L/d because most deep beams are susceptible to a 

predominance of web buckling and lateral torsional buckling, which occur 

earlier in regions of small moment gradient. 

c. Decreasing the lateral torsional buckling slenderness ratio Lb/ry is not as 

effective as expected in increasing θp, provided that seismic design criteria 

for compactness and lateral bracing are satisfied. The Lb/ry ratio has a larger 

effect on the rate of cyclic deterioration Λ and θpc since lateral torsional 

buckling is a phenomenon that occurs later in the loading history and it is 

triggered by local instabilities. 

d. For the four data sets used in this research the most important geometric 

parameter for deterioration modeling is the beam depth to web thickness 

ratio h/tw. A large h/tw ratio renders the beam section more susceptible to 

twisting. Particularly for data sets with d ≥ 21" the effect of h/tw on θpc and Λ 

is of almost equal importance with the one of b/2tf  ratio possibly due to the 

fact that flange local buckling triggers web local buckling, which in turn 

triggers lateral torsional buckling that occurs later in the loading history. 

5. Cumulative distribution functions (CDFs) for θp, θpc and Λ have been developed. A 

lognormal distribution can be used to describe each of the modeling parameters as 

random variables. Given the distribution, correlation coefficients between model 

parameters are determined based on experimental evidence. The value of these 

correlation coefficients is important for studies related to quantification of modeling 

uncertainties and their effect on the collapse capacity of a structural system. 

6. Based on evaluation of composite beams with RBS it is shown that for beams that 

belong to an exterior moment resisting frame the slab does not really affect the rate 

of cyclic deterioration but greatly affects the plastic rotation capacity in the two 

loading directions. This observation does not hold true in the case of a composite 

beam of an interior moment resisting frame. The compression side (slab in 

compression) may have a strength about 30% larger compared to the bare steel 
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section and the rate of cyclic deterioration becomes much slower in the positive 

loading direction (slab in compression) compared to the negative one. 

7. The residual strength ratio κ is in the order of 40% for beams with RBS and beams 

other-than-RBS. This value should be used with caution since there are not many 

tests available that have reached full stabilization. 

8. For beams other-than-RBS an estimate of ultimate deformation capacity θu (rotation 

at which ductile tearing was observed) is between 0.05 to 0.06 rad. and for sections 

with RBS θu is 0.06 to 0.07 rad. These observations are based on symmetric cyclic 

loading. For monotonic loading such as that experienced under near-fault ground 

motions or in case a structure is drifting in one direction to collapse, θu  is 

significantly larger.  

9. Based on information on a few heavy W14 columns included in the W-section steel 

database it does not seem that susceptibility of these columns to lateral torsional 

buckling is large. Caution is needed when deep column sections are used since for 

widely used beam connection such as RBS with large rx/ry and h/tw ratios twisting of 

the columns has been reported. 

 

The following observations and conclusions are based on the evaluation of the steel column 

hollow square section database: 

 

1. All deterioration modeling parameters strongly depend on the axial load ratio N/Ny 

and the depth to thickness D/t ratio of the column section. 

2. After evaluating separately a large number of monotonic tests included in the 

database it is concluded that the estimated values of θpc from the cyclic tests are 

close to those obtained from monotonic tests since the dependence of θpc of the 

monotonic tests on N/Ny and D/t ratio is almost the same as the dependence of θpc 

from the total data set after comparing the coefficients of determination for the two 

data sets. 
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3. Based on the CDFs for modeling parameters for steel column square tubes the 

median θp is on the order of 0.01 rad. The logarithmic standard deviations of the 

CDFs are large because of the large sensitivity of modeling parameters to N/Ny and 

D/t ratios. 

4. A residual strength ratio κ of 0.25 is a reasonable value for experiments for which 

stabilization was observed. But similarly to the W-sections database this value is 

only an estimate since full stabilization did not occur in most of the cases. 

 

After evaluating the reinforced concrete database, which mostly consists of beams and few 

columns with relatively low axial load ratio (P/Py < 0.15) that fail in flexure, the following 

observations are made: 

 

1. Independent calibrations of two test series in which nominally identical specimens 

were subjected to different loading histories, including monotonic loading, and 

calibrations of cyclic tests using average values for the deterioration modeling 

parameters, indicate that the concept of using a unique set of model parameters for a 

component regardless of loading history is justified. 

2. The shear span ratio Ls/h is notably absent from any trend plots. The relative 

unimportance of this predictor indicates that a rotation capacity concept based on 

curvature integration is not well-supported by this data set. 

3. The rebar buckling coefficient sn is an important parameter for θp and Λ of RC 

beams  

4. Based on a statistical evaluation of deterioration parameters of RC beams included 

in the RC database developed in this research the mean values of θp, and Λ, using a 

lognormal distribution, are 0.05rad, and 1.0, respectively. Due to large scatter in the 

data set the values of standard deviations of the log of the same parameters are 

0.42rad, and 0.77. In part the large scatter is related to the fact that most of the tests 

were not pushed to large enough deformations for capping and post-capping 

behavior to be clearly observed. 
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Table 3.1.  Statistics of material yield strength from flange coupon tests 

Mean Fy (ksi) σFy (ksi) Mean Fu (ksi) σFu (ksi) ρFy,Fu

45.0 5.2 66.1 4.3 0.851
52.7 5.0 71.4 5.3 0.778
55.1 5.6 74.5 4.6 0.784

Material Specification
A36

A572 Gr.50
A992  

Table 3.2.  Statistics of material yield strength from web coupon tests 

Mean Fy (ksi) σFy (ksi) Mean Fu (ksi) σFu (ksi) ρFy,Fu

50.3 6.4 68.3 4.6 0.735
54.8 5.9 72.9 5.9 0.761
54.7 3.3 74.9 4.2 0.902

Material Specification
A36

A572 Gr.50
A992  

Table 3.3. Statistics of ratios of effective to predicted component yield strength and  

capping strength to effective yield strength (steel data, W-sections)  

Connection 
Type (no Slab)

Mean of 
Mc/My

σMc/My
Mean of 
My/My,p

σMy/My,p

RBS 1.09 0.03 1.06 0.12
Other than RBS 1.11 0.05 1.17 0.21  

 
Table 3.4.  Median and standard deviation of modeling parameters for all the data subsets 

of the W-section database 

Connection Type 
(no Slab)

Median 
θp (rad) σθp (rad) Median 

θpc (rad) σθpc (rad) Median 
Λ

σΛ 

Other than RBS 0.025 0.43 0.16 0.41 1.00 0.43
RBS 0.025 0.33 0.23 0.32 1.15 0.34

Other than RBS 
(d≥21") 0.020 0.31 0.15 0.35 0.88 0.41

RBS (d≥21") 0.025 0.29 0.21 0.30 1.00 0.34  
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Table 3.5.  Correlation coefficients between modeling parameters (full data set, other-than-

RBS) 

 θp θpc Λ 

θp 1.00 0.69 0.44 

θpc 0.69 1.00 0.67 

Λ 0.44 0.67 1.00 

 
Table 3.6.  Correlation coefficients between modeling parameters (full data set, RBS) 

 θp θpc Λ 

θp 1.00 0.69 0.64 

θpc 0.69 1.00 0.64 

Λ 0.64 0.64 1.00 

 
Table 3.7.  Correlation coefficients between modeling parameters (other-than-RBS, d ≥ 

21") 

 θp θpc Λ 

θp 1.00 0.60 0.56 

θpc 0.60 1.00 0.58 

Λ 0.56 0.58 1.00 

 

Table 3.8.  Correlation coefficients between modeling parameters (RBS, d ≥ 21") 

 θp θpc Λ 

θp 1.00 0.54 0.65 

θpc 0.54 1.00 0.63 

Λ 0.65 0.63 1.00 
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Table 3.9.  Correlation coefficients between modeling parameters (tubular columns) 

 θp θpc Λ 

θp 1.00 0.74 0.80 

θpc 0.74 1.00 0.85 

Λ 0.80 0.85 1.00 

 

Table 3.10.  Correlation coefficients between modeling parameters (tubular columns, 

monotonic data only) 

 θp θpc 

θp 1.00 0.71 

θpc 0.71 1.00 
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(a) Calibrator interface 

        
(b) Experimental M-θ relationship from database (c) Visualization of match of backbone curve 

           
(d) Visualization of match of hysteretic response; left = inadequate match, right = adequate match 

Figure 3.1.  Use of Calibrator for matching experimental and predicted response 

2 1

43

5
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Figure 3.2.  Monotonic and cyclic responses of identical specimens, and skeleton curve fit 

to cyclic response (data from Tremblay et al. 1997) 

 

Figure 3.3.  Calibration of monotonic test reported in Liddell et al. (2000) 
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Yield/Tensile Stress Ratio: A36 W-Shape (Flange)
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(a) 

Yield/Tensile Stress Ratio: A36 W-Shape (Web)
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(b) 

Figure 3.4.  Yield to tensile strength histogram for A36 steel (a) taken from flange, (b) 
taken from web (W-sections database) 
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Yield/Tensile Stress Ratio:A572Gr.50 W-Shape (Flange)
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(a) 

Yield/Tensile Stress Ratio:A572Gr.50 W-Shape (Web)
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(b) 

Figure 3.5.  Yield to tensile strength histogram for A572Gr.50 steel (a) taken from flange, 
(b) taken from web (W-sections database) 



 

________________________________________________________________________________________ 
Chapter 3                                                                                                 Component Databases and Calibration 

 89

Yield/Tensile Stress Ratio: A992 W-Shape (Flange)
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(a) 

Yield/Tensile Stress Ratio: A992 W-Shape (Web)
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(b) 

Figure 3.6.  Yield to tensile strength histogram for A992 Gr.50 steel (a) taken from flange, 
(b) taken from web (W-sections database) 
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Figure 3.7.  Dependence of θp on beam depth d for various data sets (W-sections database) 
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Figure 3.8.  Dependence of θp on beam span to depth ratio L/d of various data sets (W-
sections database) 
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Figure 3.9.  Dependence of θp on Lb/ry ratio for data sets with d ≥ 21" (W-sections database) 
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(a) beam without add. bracing RBS (Lb/ry=52.0) (b) beam with add. bracing (Lb/ry=36.3) 

 

Figure 3.10.  Calibrated moment rotation diagrams for a beam with RBS; (a) no additional 

bracing provided, (b) additional bracing near the RBS region (data from Uang et al. 2000a) 
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Figure 3.11.  Dependence of θp on beam span to flange width to thickness ratio bf/2tf ; (a) 

beams other-than-RBS (d ≥ 21"), (b) beams with RBS (d ≥ 21") 
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Figure 3.12.  Dependence of θp on ratio h/tw  ratio (W-sections database) 
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 (a) dependence of θpc on beam web depth to thickness ratio h/tw (W-sections database) 
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Figure 3.13.  Dependence of θpc of data sets (3) & (4) on various geometric parameters  
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Figure 3.14.  Dependence of Λ of data sets (3) and (4) on various geometric parameters 
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Figure 3.15.  CDFs for θp ; left = full data sets (1) and (2); right = data sets (3) and (4) 
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Figure 3.16.  CDFs for θpc; left = full data sets (1) and (2); right = data sets (3) and (4) 
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Figure 3.17.  CDFs for Λ; left = full data sets (1) and (2); right = data sets (3) and (4) 
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Figure 3.18.  Effect of slab on the deterioration characteristics of a composite beam with 

RBS; part of an exterior moment resisting frame (data from Ricles et al. 2004) 
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 (a) no slab (b) composite beam 

Figure 3.19.  Effect of slab on the deterioration characteristics of a beam; part of an interior 

moment resisting frame (data from E-Defense 2007) 
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 (a) no slab (b) composite beam 

Figure 3.20.  Effect of slab on the deterioration characteristics of a beam with RBS; 

subassembly of an exterior moment resisting frame (data from Tremblay et al. 1997) 
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 (a) residual strength not attained (b) stabilization at residual strength  

 
Figure 3.21.  Effect of residual strength during loading history (a) residual strngth is not 

attained (data from Lee et al. 2005); (b) stabilization, i.e residual strength (data from 

Krawinkler et al. 1983) 
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Figure 3.22.  Residual strength ratio κ versus beam depth for data sets (3) and (4) (W-

sections database) 
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Figure 3.23.  Moment–rotation diagram of a heavy shallow column (test data from Newell 

and Uang, 2006)  
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(b) monotonic data (tubular column database) 

 

Figure 3.24.  Dependence of θp on column tube depth to thickness ratio D/t and axial load 

ratio N/Ny (a) full data set (b) monotonic tests only  
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 (b) monotonic data (tubular column database) 

Figure 3.25.  Dependence of θpc on column tube depth to thickness ratio D/t and axial load 

ratio N/Ny (a) full data set (b) monotonic tests only (tubular column database) 
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Figure 3.26.  Calibration examples for monotonic tests of tubular section (data from 

Sugiyama & Igarashi, 1986) 
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Figure 3.27.  Dependence of Λ on column tube depth to thickness ratio D/t and axial load 

ratio N/Ny (tubular column database) 
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Figure 3.28.  Dependence of residual strength ratio κ  on column tube depth to thickness 

ratio D/t and axial load ratio N/Ny (tubular column database) 
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Figure 3.29.  CDFs of deterioration model parameters for tubular steel columns 
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 (a) Independent calibration  (b) Calibration based on average parameters 

Figure 3.30.  Calibrations of cyclic test “Berkeley loading history” from Liddell et al. 

(2000) 

 

   
 (a) Independent calibration  (b) Calibration based on average parameters 

 

Figure 3.31.  Calibrations of cyclic test “EQA loading history” from Liddell et al. (2000) 
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Figure 3.32.  Dependence of θp & Λ on f’c 
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Figure 3.33.  Dependence of θp, & Λ on ρsh,eff  
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Figure 3.34.  Dependence of θp, Λ on sn (left) and s/db,l (right) 
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Figure 3.35.  Dependence of θp & Λ on Vp/Vn  
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Figure 3.36.  CDFs of model parameters for RC beams (a) θp (b) Λ 



 

________________________________________________________________________________________ 
Chapter 3                                                                                                 Component Databases and Calibration 

 108

 



 

________________________________________________________________________________________ 
Chapter 4   Relationships for Modeling Deterioration... 

 109

CHAPTER 4 

RELATIONSHIPS FOR MODELING DETERIORATION 
PARAMETERS OF PLASTIC HINGE REGIONS 
 
_________________________________________________________________________ 

 

 

4.1 Objective and Scope 

 

The missing aspect of comprehensive modeling of the deterioration characteristics of 

structural components is the availability of relationships that associate model parameters, 

such as the ones discussed in Chapter 2, with properties that control deterioration in 

structural components such as geometric and material properties and detailing criteria.  

 

In support of collapse assessment of structural systems under seismic excitations 

relationships are proposed here for modeling of deterioration parameters [backbone curve 

parameters θp, θpc and rate of cyclic deterioration Λ) of plastic hinge regions in steel w-

sections and hollow square tubular column sections, considering the interrelation of 

properties that significantly affect deterioration of structural components. At this point the 

focus is on steel components. The proposed relationships are empirical since they are 

developed with the use of stepwise multivariate regression analysis and utilizing the 

experimental data summarized in Chapter 3. As was seen already in Chapter 3, the trends 

are not always clear and the data exhibit large scatter. This affected also the regression 

analysis, and in some cases pure statistics had to be supplemented by engineering concepts 

and principles of mechanics. The predicted deterioration parameters are the ones of the 

modified Ibarra-Krawinkler model discussed in Section 2.3.  
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4.2 Multivariate Regression Analysis 

 

Important aspects of creating an empirical equation are determining an appropriate 

functional form and selecting appropriate predictive variables. The functional form should 

reasonably represent the way in which the individual predictive variables affect the 

calibrated parameter and, additionally, how the various predictors interact with each other. 

To determine an appropriate functional form the following steps are performed: (1) inspect 

closely the data and isolate individual variables that significantly affect the parameter of 

interest based on the trend plots presented in Chapter 3, (b) take advantage of available 

knowledge based on principles of mechanics, and (c) use previous research when available. 

Using the stepwise multivariate regression analysis approach, only variables that are 

statistically significant (see Chatterjee et al. 2000)) are included in the predictive equations.  

 

After establishing the functional form, the data is transformed to fit the functional form 

(typically using various natural logarithmic transformations) and standard multivariable 

regression analysis is used to determine the coefficients in the equations. In Chapter 3 it 

was shown that all three model parameters, i.e., θp, θpc and Λ, follow a lognormal 

distribution based on a Kolmogorov-Smirnov test (Benjamin and Cornell 1973); hence the 

regression is always performed on the natural log of the model parameter (or the natural log 

of some transformed model parameter).  

 

There is evidence from laboratory research on steel components that web local buckling is 

coupled with flange local buckling and lateral torsional buckling (Lay, 1965, Lay and 

Galambos, 1966, Uang and Fan, 1999). Hence a nonlinear regression model is used to 

evaluate the contribution of each important property identified in Chapter 3 to the selected 

response parameter (RP). The general nonlinear model used is 

 
  ( ) ( ) ( )2 3 1

1 1 2
na a a

nRP a X X X += ⋅ ⋅ ⋅⋅ ⋅ ⋅  (4.1) 
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in which: 

 

α1, α2,...αn+1 are constants known as regression coefficients and X1, X2 ...Xi are the predictor 

variables. Since the data is transformed to the natural log domain Equation (4.1) becomes  

 

 ( ) ( ) ( ) ( ) ( )1 2 1 3 2 1log log log log logn nRP a a X a X a X ε+= + ⋅ + ⋅ ⋅⋅⋅ ⋅ ⋅ +  (4.2) 

 

in which ε is the random variable representing the error in the regression estimates. The 

least square method is used in order to obtain the regression coefficients and sum of squares 

of estimation residuals SSE. 

 

Regression equations are separated into three main categories based on the component type 

(W-sections, tubular steel columns). Depending on the component type, additional 

regression equations are proposed for representative data subsets. The choice of functional 

form for a model parameter is based on a process of developing an equation and then 

improving the equation based on the trends between the residuals (prediction errors) and the 

predicting parameters, i.e., using the functional form for which the coefficient of 

determination R2 of the predictive equation is the largest one and residuals are distributed 

around zero error but it is mandatory that the proposed equation should follow basic 

principles of mechanics. 

 

As mentioned previously the stepwise regression approach is used to develop the regression 

equations for the model parameters. In most of the cases discussed in the sections below 

only variables that are statistically significant at the 95% level using a standard t-test of F-

test (see Chatterjee et al. 2000) are used in the regression equations. 
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4.3 W-Sections 

 

The steel W-section database includes primarily specimens without slab. Most of the 

composite specimens that have been collected have W36 beams; hence the range of 

available sections is not adequate to propose regression equations for modeling parameters 

of composite sections, but quantitative information on composite action and its effect on 

deterioration parameters of composite steel beams is discussed in Section 3.4.6. None of 

specimens that failed in a brittle way (e.g. brittle fracture) before significant deterioration 

occurred are included in any of the regression equations since the focus is on gradual 

deterioration of components. 

 

4.3.1 Beams Other Than RBS 

 

Since for most connection types the number of tests is too small and the trends are not 

sufficiently clear to justify a distinction based on connection type, all connection types are 

lumped into one data set except for RBS connections, which are treated separately in 

Section 4.3.2. Relevant research on deterioration model parameters is summarized before 

addressing the empirical equation development. 

 

4.3.1.1 Plastic Rotation Capacity θp 

 

Previous research on predicting plastic rotation up to the maximum moment through 

engineering mechanics has been conducted by Lay and Galambos (1967) and McDermott 

(1969) considering the strain hardening range in the analytical expression. Kato (1989) and 

Mazzolani and Piluso (1992) used the same integration methodology of moment curvature 

as the study by Lay and Galambos but they considered the differences in stress levels for 

compression and tension flanges. Vayas and Psycharis (1995) used the method of effective 

width to obtain the moment-curvature diagram for a cross section and the rotation capacity 

for the beam in the descending branch. For reasons stated in Chapter 3 the curvature 
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integration method may lead to non-conservative prediction of deformation capacity; thus a 

more phenomenological approach is used in this research to predict plastic rotation 

capacity.  

 

A summary on quantification of plastic rotation capacity of steel members based on yield 

line theory, which was first used to analyze the behavior of cylindrical shells near collapse 

(Kollar and Dulasca, (1984)), is provided in Gioncu and Mazzolani (2002). Even though 

this method has been validated with the use of experimental and numerical simulations it 

can be used only to determine the post–critical path of a moment rotation diagram. It is also 

important, after examining the experimental and numerical simulation of buckles shapes, to 

choose a proper pattern for the plastic mechanism; hence it is difficult to develop practical 

solutions that can be included in global analytical models of structural systems for collapse 

assessment. 

 

Kuhlmann (1986) developed a software and used the finite element method (FEM) to 

calculate the plastic rotation up to the maximum moment. Greschik et al. (1990) tried to 

explain the effect of residual stresses and geometric imperfections on the difference 

between numerical prediction of deformation capacity and experimental data. Huang and 

Deierlein (1996) used the beams tested by Lukey and Adams (1969) and quantified the 

effect of out-of-plane rotation on the deformation capacity of steel beams. Others (Earls and 

Galambos, (1998), Ricles et al. (2004)) tried to predict plastic rotation capacity considering 

the effects of various parameters such as in plane and out of plane plastic buckling modes, 

moment gradients, lateral bracing and strain hardening. Even though the main experimental 

conclusions concerning rotation capacity are confirmed with FEM analysis a multi-scale 

environment is required to connect the FEM models to a global analysis model of a 

structure in order to evaluate its behavior up to collapse, which is computationally very 

expensive at this time. Thus the more practical solution to develop empirical rules for 

modeling of the deterioration parameters of components based on experimental data is used 

in this research. 



 

________________________________________________________________________________________ 
Chapter 4   Relationships for Modeling Deterioration... 

 114

Trends for plastic rotation capacity θp for beams other than RBS, as discussed in Section 

3.4.4.1, showed that for the full data set (data set (1), see Section 3.4.4) the primary 

parameter that affects θp is the web depth over thickness ratio h/tw and beam depth d. For 

this full data set the equation for θp obtained from multivariate regression analysis is 
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  (4.3) 

2 0.46R =  

 

Equation (4.3) can be further simplified to Equation (4.4) with slightly larger error, for 

reasons discussed in the next paragraph, 
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Equations (4.3) and (4.4) are obtained using data for the following range of parameters: 

 

• 20 ≤ h/tw ≤ 55  

• 4≤ bf/2tf ≤ 8 

• 20 ≤Lb/ry ≤ 80 

• 2.5 ≤L/d  ≤ 7 

• 4" ≤ d ≤ 36",  

• 35 ≤ Fy ≤ 65 ksi 

in which 

 

o h/tw is the fillet to fillet web depth over web thickness ratio of the W-section (used 

for web compactness checks based on AISC-2005) 



 

________________________________________________________________________________________ 
Chapter 4   Relationships for Modeling Deterioration... 

 115

o Lb/ry is the ratio between beam unbraced length Lb over radius of gyration about the 

weak axis of the cross section 

o bf/2tf  is the flange width to thickness ratio used for compactness checks 

o L/d is the shear span to depth ratio of the beam  

o d is the beam depth of the cross section and, 

o Fy is the expected yield strength of the flange of the beam in ksi units, which is 

normalized by 50ksi (typical nominal yield strength of structural US steel) 

o c1
unit and c2

unit are coefficients for units conversion. They both are 1.0 if inches and 

ksi are used, and they are c1
unit = 0.0254 and c2

unit = 0.145 if d is in meters and Fy is 

in MPa. 

 

Figure 4.1 illustrates the predicted θp values versus the calibrated θp values for all the data 

points of beams other than RBS. 

 

In Section 3.4.4.1 it was pointed out that the effect of lateral restraint on θp is not 

significant. This is reflected in Equation (4.3) from the small regression coefficient for the 

Lb/ry term. The R2 value of the same equation without the Lb/ry term becomes 0.45. Axhag 

(1995), White and Barth (1998), proposed a set of empirical equations based on evaluation 

of experimental data in order to predict plastic rotation capacity of steel beams, and they 

concluded the same regarding the effect of lateral restraint on plastic rotation capacity. 

 

Kemp and Dekker (1991) after evaluating the behavior of 44 tests for assessment of the 

inelastic rotation capacity of structural components and their connections concluded that for 

Lb/ry smaller than 60 local flange buckling occurs, which in turn induces web buckling as 

the critical failure mode. A large web depth to thickness ratio results in a section with a 

smaller warping constant, i.e., the section is more susceptible to torsion triggering lateral 

torsional buckling faster. Roeder, (2002) came to the same conclusion after evaluating a 

large number of experimental data. 
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For the full set of data the L/d ratio is included in Equation (4.3) since small sections are 

included in the data and the dependence on θp of L/d is driven by the small section sizes 

(see Figure 3.8 in Chapter 3). In this dataset there are specimens with different types of 

steel including A36, A572Gr.50 and A992Gr.50. The effect of Fy on R2 though is not 

significant on θp (R2 becomes 0.45 without the Fy term)  

 

The effect of bf/2tf on θp is of some importance due to the interaction with h/tw. A small bf/2tf 

ratio usually implies a narrow wide flange beam with small ry and a large d/tw ; hence there 

is an interaction between bf/2tf and d/tw.  

 

The two terms that clearly affect θp the most are the h/tw ratio and beam depth d. Based on 

the exponential coefficients and R2 values if one of the two terms is excluded from the 

regression, the effect of these two predictors on θp for other-than -RBS beams is of equal 

importance. This is also confirmed from the trend plots for θp in Section 3.4.4.1 for the 

same data set. 

 

For the set of data with depth d ≥ 21" (range of sections for a typical steel building 

construction identified as data set (3) in Chapter 3) θp may be predicted using the following 

equation,  

 
0.26 0.027 0.151.05 0.220.09 2

11.65
2 21" 50

f unit yb
p

w f y unit

b c Fh L L d
t t r d c

θ
− − −− −⎛ ⎞ ⎛ ⎞ ⎛ ⎞⋅⎛ ⎞ ⎛ ⎞⎛ ⎞= ⋅ ⋅ ⋅ ⋅ ⋅⎜ ⎟ ⎜ ⎟ ⎜ ⎟⎜ ⎟ ⎜ ⎟⎜ ⎟ ⎜ ⎟⎜ ⎟ ⎜ ⎟⋅ ⋅⎝ ⎠⎝ ⎠ ⎝ ⎠ ⎝ ⎠⎝ ⎠ ⎝ ⎠

 (4.5) 

2 0.19R =  

 

The small R2 term (R2 = 0.19) and a visual inspection of the relatively small range of 

parameters and the large scatter of the data indicate that not much confidence can be placed 

in this prediction equation. Also, the exponential coefficients are quite different from those 
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of Equations (4.3) and (4.4). But this is the best that can be done based on the available 

data. 

 

As was pointed out in Section 3.4.4.1 the effect of Lb/ry and L/d on θp is not significant for 

this data set, as indicated from the trends plots for these parameters. Excluding the Lb/ry and 

L/d terms from Equation (4.5) the R2 value becomes 0.18. The smaller exponential 

coefficient of the last term of Equation (4.5) compared to the one in Equation (4.3) is 

because the range of yield strength of data set (3) is between 35 to 55 ksi compared to 35 to 

65ksi for data set (1). Redoing the regression analysis after eliminating the Lb/ry and L/d 

terms results in the following simplified equation: 
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2 0.18R =  

 

Figure 4.2(a) illustrates the predicted versus calibrated θp values based on Equation (4.6). 

Equation (4.6) indicates that the effect of the h/tw dominates for θp and the effect of depth d 

on θp is negligible. As was pointed out earlier the effect of bf/2tf on θp becomes somewhat 

more important due to the correlation between bf/2tf and h/tw. Figure 4.2(b) shows the 

interaction between bf/2tf and d/tw ratios and supports this statement. These observations 

confirm trend plots for θp with respect to h/tw, bf/2tf and d in Section 3.4.4.1 for specimens 

with d ≥ 21". 

 

The small R2 for both Equations (4.5) and (4.6) is due to the narrow range of h/tw and bf/2tf 

ratios of specimens included in this data set (see Figures 3.12(a) and 3.12(c)). Equations 

(4.5) and (4.6) are only valid for the following range of geometric and material parameters, 

 

• 30 ≤ h/tw ≤ 55  
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• 5 ≤ bf/2tf ≤ 8 

• 20 ≤Lb/ry ≤ 65 

• 2.5 ≤L/d  ≤ 7, 

• 21" ≤ d ≤ 36",  

• 33.5 ≤ Fy ≤ 58 ksi 

 

Effect of predictors on θp: In order to illustrate the usefulness of predictive equations a 

range of W-sections has been selected and the effect of various predictors on θp is 

summarized in Table 4.1 based on Equation (4.3). A common shear span of 150" and a Lb/ry 

= 50 is used for all the sections. The expected yield strength of a A572Gr.50 steel is used 

(1.1*50 = 55kips). From this table it is observed that when a shallow and stocky section 

(small h/tw and bf/2tf) is used θp becomes large (more than 3%). Using Equation (4.4) to 

predict plastic rotation capacity for a W14x176 section θp becomes 0.05. Such high values 

have been confirmed in the experimental study by Newell and Uang (2006) (see Figure 

3.23). 

 

4.3.1.2 Post Capping Rotation Capacity θpc 

 

Axhag (1995) and White and Barth (1998), using a backbone curve similar to the original 

Ibarra-Krawinkler model presented in Chapter 2, proposed an empirical equation for 

predicting the descending slope of the moment rotation curve of beams and concluded that 

flange and web local buckling are the primary contributors to the descending slope of the 

beams. It should be pointed out that in these studies all the beams considered were well 

supported laterally. 

 

For the development of predictive equations for post capping rotation capacity θpc only 

specimens with clear indication of post-capping behavior were considered from the W-

section database. The empirical equation for θpc, obtained from multivariate regression 

analysis of the full set of other-than-RBS beams is given by 
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A slightly simpler expression for predicting θpc of beams other than RBS with almost the 

same error is given by 
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These two equations have been derived using data for the following range of parameters: 

 

• 20 ≤ h/tw ≤ 55  

• 4≤ bf/2tf ≤ 8 

• 20 ≤Lb/ry ≤ 65, 

• 4" ≤ d ≤ 36",  

• 32.5 ≤ Fy ≤ 60 ksi 

 

Equation (4.7) indicates that the effect of unbraced length is not important for θpc (R2 

becomes 0.515 when Lb/ry is not included in the regression equation), confirming 

conclusions from earlier studies by Axhag (1995) and White and Barth (1998). The effect 

of h/tw is of almost equal importance as the effect of bf/2tf and d since R2 in Equations (4.7) 

and (4.8) becomes 0.45 when h/tw or bf/2tf or d is not included in the regression formula. 

One reason may be that web local buckling triggers lateral torsional buckling, which 

happens later in the loading history. In general the importance of the effect of each 

predictor on θp in Equations (4.7) and (4.8) agrees with the individual trends for θpc for this 

data set discussed in Chapter 3. Figure 4.3(a) shows the predicted post-capping rotation 
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capacities based on Equation (4.7) versus the calibrated θpc values. Equations (4.7) and 

(4.8) indicate that the effect of yield strength on θpc becomes important. The latter can be 

confirmed from Figure 4.3(b), which shows the dependence of θpc on Fy. 

 

Due to lack of experimental data of beams other than RBS that are pushed to very large 

inelastic deformation, Equations (4.7) and (4.8) become questionable when their use results 

in very large post-capping plastic rotation capacities (θpc ≥ 0.30rad). 

 

After eliminating specimens with d < 21" (data set (3) in Chapter 3) the proposed empirical 

equation for predicting θpc is given by 
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Figure 4.3(c) shows the predicted θpc values based on Equation (4.9) versus the calibrated 

θpc values. A simplified version of Equation (4.9) with slightly larger error is given by 
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These two equations have been derived using data for the following range of predictive 

parameters: 

 

• 30 ≤ h/tw ≤ 55  

• 5≤ bf/2tf ≤ 8 

• 20 ≤Lb/ry ≤ 65, 
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• 21" ≤ d ≤ 36",  

• 35 ≤ Fy ≤ 58 ksi 

 

Depth is notably absent from Equation (4.10) since its effect on θpc is negligible for this 

data set. The same observation is made from the individual trend for θpc. The effect of bf/2tf 

and h/tw is almost the same based on Equations (4.9) and (4.10) (R2 becomes 0.38 if any of 

the two parameters is excluded from the regression equation). Similarly to data set (1) there 

is a clear trend between θpc and Fy for the specific data set as indicated from Figure 4.3(d), 

which shows the dependence of θpc on Fy. The effect of section geometry on θpc for a range 

of sections is summarized in Table 4.1 based on Equation (4.7). The values of θpc correlate 

well with the cumulative distribution function for θpc (see Figure 3.16 in Chapter 3) for the 

data set with d ≥ 21". Note that in all the predictive equations for θpc L/d is absent since it 

was found to be statistically insignificant for all the data sets. 

 

4.3.1.3 Cyclic Deterioration Parameter Λ 

 

For the development of predictive equations for the cyclic deterioration parameter Λ the 

specimens that have been selected from the steel database are the ones that fail in a ductile 

manner and for which cyclic deterioration is clearly observed. All the modes of cyclic 

deterioration are assumed to be defined by the same Λ except for unloading stiffness 

deterioration The exponent c of the hysteretic rule of the modified Ibarra-Krawinkler model 

that controls the rate of cyclic deterioration is kept equal to 1.0 for the sake of simplicity. It 

should be pointed out though that based on past experimental studies (Krawinkler and 

Zohrei (1983)) there are three main ranges of cyclic deterioration. During the first range the 

rate of cyclic deterioration is high with continuous growth of local buckles coupled with 

lateral torsional buckling. During the second range the rate of cyclic deterioration becomes 

slower, leading to stabilization of hysteretic response. During the third range, because of 

small cracks that have been formed during the first two ranges, rapid deterioration occurs 

due to crack propagation.  
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The proposed equation for cumulative rotation capacity Λ for the full set of otherthan-RBS 

beams is given by Equation (4.11) using the stepwise multivariate regression approach 
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The main contributor in Equation (4.11) is the h/tw ratio (R2=0.37 excluding h/tw from 

Equation (4.11)). The effect of flange local buckling and lateral bracing becomes more 

important for Λ compared to θp and θpc. The same was pointed out by Roeder (2002). Figure 

4.4(a) shows the predicted Λ values based on Equation (4.11) versus the calibrated Λ values 

from the selected experimental data of beams other than RBS. Using only specimens that 

satisfy the AISC-2005 lateral bracing requirements, the Lb/ry ratio becomes statistically 

insignificant and Equation (4.11) may be simplified to 
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The R2 value of Equation (4.12) indicates that the dominant contributor to cyclic 

deterioration is the h/tw ratio for a beam well supported laterally. Equations (4.11) and 

(4.12) show that there is a dependence of Λ on yield strength of the beam. This is confirmed 

by Figure 4.4(b), which illustrates the trends for Λ with respect to yield strength. 

 

These two equations have been derived using data for the following range of predictive 

parameters: 

 

• 20 ≤ h/tw ≤ 55  
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• 5 ≤ bf/2tf ≤ 7.5 

• 20 ≤Lb/ry ≤ 65, 

• 7.5" ≤ d ≤ 36",  

• 37 ≤ Fy ≤ 58 ksi 

 

For the data set of beams with nominal depth larger than 21" the following equation can be 

used to predict Λ, 
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Figure 4.4(c) shows the predicted Λ values based on Equation (4.13) versus the calibrated 

ones from the tests included in the regression process. The three specimens for which Λ is 

clearly underestimated compared to the calibrated values have bolted haunch bracket 

connections (Kasai and Hodgson, (1996)), which in general deteriorate very slowly 

compared to standard welded-flange-bolted-web or RBS connections. Roeder (2002) 

concluded the same after evaluating three main connection categories including the bolted 

haunch bracketed one. All the specimens included in the data set (d ≥ 21") satisfy the lateral 

bracing requirements based on AISC specifications; thus the effect of Lb/ry on Λ in Equation 

(4.13) is not important. A slightly simpler equation for predicting Λ with almost the same 

R2 is given by 
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These two equations have been derived using data for the following range of predictive 

parameters: 

 

• 35 ≤ h/tw ≤ 55  

• 5 ≤ bf/2tf ≤ 7.5 

• 20 ≤Lb/ry ≤ 63, 

• 21" ≤ d ≤ 36",  

• 37 ≤ Fy ≤ 58 ksi?* 

 

The effect of depth d and L/d on Λ was not found to be statistically significant in any of the 

data sets; thus these two predictors are absent in any of the regression equations for Λ. Ιn 

general, trends for Λ versus various predictors presented in Chapter 3 agree with the 

influence of the same predictors using multivariate regression analysis. 

 

Table 4.1 summarizes the effect of different section sizes on Λ. Τhe shear span to beam 

depth ratio, Lb/ry ratio, and expected yield strength are the same as used to illustrate the 

effect of section geometry on θp and θpc. The general conclusion that a shallow and stocky 

section, with small h/tw and bf/2tf ratios, deteriorates much slower than a slender section is 

validated. 

 

4.3.2 Beams with RBS 

 

Due to the large number of tests included in the W-sections database involving beams with 

RBS a separate set of regression equations is proposed for this type of connections that has 

become popular in steel construction in the US. The predictive equations proposed in this 

section are based on the  set of tests with beams that have a d≥ 21" (data set (4) in Chapter 

3) since this range of sections is commonly used in practice. There are no beams with RBS 

with d smaller than 18" in the W-sections database, and a statistical evaluation with the use 



 

________________________________________________________________________________________ 
Chapter 4   Relationships for Modeling Deterioration... 

 125

of stepwise multivariate regression analysis indicated that predictive equations do not differ 

by much if we would make a distinction based on beam depth.  

 

4.3.2.1 Plastic Rotation Capacity θp 

 

Previous research on empirical equations for predicting deformation capacity of beams with 

RBS has been conducted by Uang and Fue (1999) after evaluating a dataset of 55 

specimens. In this study the plastic rotation capacity is defined as the difference between 

the rotations at 80% of the ultimate strength and at yield strength. Uang and Fue used the 

envelope curve from the available moment-rotation diagrams to extract the values of plastic 

deformation for the 55 specimens used in their study. Roeder (2002) tried to quantify the 

rotation capacity of RBS connections as a function of the beam depth. Results from the 

Roeder (2002) study cannot be compared with findings of the earlier study by Uang and 

Fue (1999) and the research herein because Roeder combined beam inelastic rotations with 

panel zone shear deformations whereas the focus of the current research is on plastic hinge 

rotations at the location of the plastic hinge in the beam. 

 

For the data set of beams with RBS with d ≥ 21" the proposed equation for plastic rotation 

capacity of θp is given by 
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 (4.15) 

2 0.471R =  

 

Equation (4.15) can be further simplified to Equation (4.16) with slightly larger error for 

reasons stated in the next paragraph,  

 



 

________________________________________________________________________________________ 
Chapter 4   Relationships for Modeling Deterioration... 

 126

0.140.45 0.854

10.22
2 21"

f
p

w f unit

bh d
t t c

θ
−− −⎛ ⎞⎛ ⎞ ⎛ ⎞

= ⋅ ⋅⎜ ⎟⎜ ⎟ ⎜ ⎟⎜ ⎟⋅ ⋅⎝ ⎠ ⎝ ⎠⎝ ⎠
  (4.16) 

2 0.44R =  

 

in which 

 

o h/tw is the fillet to fillet web depth over web thickness ratio of the W-section (used 

for web compactness checks based on AISC-2005) 

o Lb/ry is the ratio between beam unbraced length Lb over radius of gyration about the 

weak axis of the cross section 

o bf/2tf  is the flange width to thickness ratio used for compactness checks 

o L/d is the shear span to depth ratio of the beam  

o d is the beam depth of the cross section and, 

o Fy is the expected yield strength of the flange of the beam in ksi units, which is 

normalized by 50ksi (typical nominal yield strength of structural US steel) 

o c1
unit and c2

unit are coefficients for units conversion. They both are 1.0 if inches and 

ksi are used, and they are c1
unit = 0.0254 and c2

unit = 0.145 if d is in meters and Fy is 

in MPa. 

 

These two equations have been derived using data the following range of predictive 

parameters: 

• 21 ≤ h/tw ≤ 55  

• 4.5 ≤ bf/2tf ≤ 7.5 

• 20 ≤Lb/ry ≤ 65,, 

• 21" ≤ d ≤ 36",  

• 38.5 ≤ Fy ≤ 63 ksi 
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Figure 4.5 shows the predicted θp values based on Equation (4.15) plotted versus the 

calibrated θp values. 

 

When the L/d term is excluded from the regression equation R2 becomes 0.46 i.e., the 

dependence of θp on L/d is not significant. This observation agrees with the trends for θp 

versus L/d in Section 3.4.4.1 for beams with RBS and the observation that the curvature 

integration effect of a larger plastic hinge length is countered by the predominance of web 

buckling and lateral torsional buckling.  

 

Experimental studies by Yu et al. (2000) and Uang et al (2000a) have shown that the effect 

of additional lateral bracing near the RBS region on θp is small. The same conclusion is 

drawn here since the R2 value of Equation (4.15) changes only to 0.45 without the Lb/ry 

term. Prior statistical studies by Uang and Fue (1999) and Roeder (2002) support this 

conclusion. 

 

In Equations (4.15) and (4.16) the predominant effect of beam depth d on θp may be 

explained from the fact that in the RBS region the flange reduction by 40% in average (50% 

maximum reduction based on FEMA-2000) increases the effective length of the beam depth 

that can buckle compared to a beam other than RBS since the restraint from the flanges 

becomes negligible due to flange reduction. This observation is supported by Figure 4.5(b), 

which shows the dependence of θp on the flange reduction c of beams with RBS with 

d≥21". The level of influence of θp on d and h/tw ratio in Equations (4.15) and (4.16) agrees 

with trends for θp versus the same parameters (see Figure 3.12 in Chapter 3).  

 

4.3.2.2 Post Capping Rotation Capacity θpc 

 

In Section 3.4.4.2 the trends for post capping rotation capacity θpc were discussed and the 

importance of h/tw and bf/2tf ratios on θpc for specimens with clear indication of post-
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capping slope was pointed out. The same observation can be made from Equation (4.17), 

which predicts θpc for beams with RBS. 
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 (4.17) 

2 0.454R =  

 

The primary parameter that affects θpc based on Equation (4.17) is the web local buckling 

term h/tw, as validated statistically since the coefficient of determination becomes R2 = 

0.285 if h/tw is excluded from Equation (4.17) (versus 0.377 if the bf/2tf ratio is excluded 

from the same equation).  

 

Similarly to the data set of beams without RBS with d ≥ 21" additional lateral bracing near 

the RBS region is not very important on θpc for specimens that are adequately supported 

laterally. If the Lb/ry term is excluded from Equation (4.17) R2 becomes 0.446. Based on 

Figure 4.6(a), which shows the predicted θpc versus calibrated θpc values for beams with 

RBS, Equation (4.17) provides adequate predictions.. A simplified equation for predicting 

θpc for beams with RBS with d ≥ 21" is, 
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 (4.18) 

R2= 0.446 

 

Beam depth is absent from Equations (4.17) and (4.18) since the dependence of θpc on d is 

not statistically significant for this range of data as shown in Figure 4.6(b). The same 

observation was made for beams other than RBS for d ≥ 21". A possible reason is that the 

dependence of θpc οn flange reduction in the RBS region is statistically insignificant. The 
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range of applicability of Equations (4.17) and (4.18) is the same with the one for θp for 

beams with RBS. 

 

4.3.2.3 Cyclic Deterioration Parameter Λ 

 

Only specimens that deteriorate gradually (no brittle fracture) have been used to develop an 

empirical expression for the cyclic deterioration parameter Λ for beams with RBS. Similarly 

to beams other than RBS, the parameter c that defines the rate of cyclic deterioration in the 

hysteretic rule of the modified Ibarra-Krawinkler deterioration model was set to 1.0 for the 

sake of simplicity. The Λ for all cyclic deterioration modes were constrained to be the same 

except for the unloading stiffness deterioration mode. The proposed equation for predicting 

the cumulative rotation capacity Λ for beams with RBS is 
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 (4.19) 

2 0.482R =  

 

This equation has been derived using data for the following range of predictive parameters: 

 

• 40 ≤ h/tw ≤ 55  

• 5 ≤ bf/2tf ≤ 7.5 

• 20 ≤Lb/ry ≤ 65, 

• 21" ≤ d ≤ 36",  

• 38.5 ≤ Fy ≤ 63 ksi 

 

The coefficient of determination of Equation (4.19) becomes 0.39 if h/tw is excluded from 

the regression and it becomes 0.44 if bf/2tf is excluded from the equation, which indicates 
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that h/tw ratio has the largest effect on Λ as was also pointed out in Section 3.4.4.3 in which 

the trends for Λ were discussed.  

 

Uang et al. (2000a), and Yu et al. (2000) showed that beams with RBS are susceptible to 

twisting at the RBS region because of the reduced flanges, and additional lateral bracing 

reduces the rate of strength deterioration only at large deformation levels because it reduces 

the lateral buckling amplitude near the RBS location. Roeder (2002) came to the same 

conclusion. This is also confirmed by the coefficient of determination of Equation (4.19) 

since R2 becomes 0.43 when Lb/ry is excluded from the regression. Figure 4.7 presents the 

predicted versus calibrated values of Λ for beams with RBS based on Equation (4.19), 

indicating that the predicted Λ values correlate well with the experimental data. 

 

Table 4.2 summarizes the variation of deterioration parameters of beams with RBS for a 

range of section sizes (W21 to W36) that satisfy seismic compactness criteria. The cases in 

which predictive parameters are outside the range of regression equation applicability are 

noted as “not applicable” (na) in this table. The range of deterioration parameter values 

obtained for the selected range of section sizes is also reflected in the cumulative 

distribution functions of the same parameters (see Figure 3.17 in Chapter 3). 

 

In summary, similar to beams with other-than-RBS connections the effect of web local 

buckling on the deterioration parameters of beams with RBS is important as was also 

observed from the individual trends for deterioration parameters in Chapter 3. The effect of 

depth on θp of beams other than RBS becomes important when small sections are included 

in the data set but diminishes when the data set includes only specimens with d≥ 21". For 

beams with RBS the last observation does not hold true possibly due to the weak web 

restraint from the flange because of flange reduction in the RBS region. The effect of beam 

to span ratio L/d on all the deterioration parameters is not statistically significant for any of 

data sets with d ≥ 21". Additional lateral restraint is not as effective in increasing θp and θpc, 

probably because most of the specimens included in the data sets are well supported 
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laterally. Based on multivariate regression analysis it was observed that the effect of Lb/ry 

on Λ for beams with RBS is of some importance, which was also verified by past 

experimental studies and trend plots in Chapter 3. 

 

4.3.3 Hollow Square Tube Sections 

 

Many Japanese steel moment resisting frames are designed using square steel hollow 

structural sections (HSS) as columns. Using the database of 113 HSS columns described in 

Chapter 3 a set of equations to estimate deterioration model parameters of HSS columns is 

proposed in this section. 

 

A primary difference between the steel W sections that were evaluated so far and the 

tubular sections is the effect of axial load on deterioration parameters. For HSS the axial 

load ratio has a dominant effect, especially on the post capping rotation capacity of the 

element as was already pointed out in Chapter 3 when the effect of individual predictors on 

deterioration parameters was evaluated ignoring the correlation between predictors. 

 

Deterioration model parameters of tubular sections depend greatly on the axial load ratio 

N/Ny (N is the applied axial load and Ny is the yield load), which varies from zero to 0.70 

for the set of data included in the HSS database, and the section depth D to thickness t ratio, 

which varies from 15 to 100 for the available set of data. The sample of the 113 data points 

consists of specimens of different steel types; thus the effect of the expected yield strength 

Fy on the empirical equations is also included. A value of 50ksi used to normalize the 

measured (expected) yield strength of the HSS elements. 

 

4.3.3.1 Plastic Rotation Capacity θp 

 

Kato and Akiyama (1981) and Ge and Usami (1995) proposed theoretical solutions to 

predict the total rotation capacity up to the maximum moment of square hollow section 
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beams with N/Ny=0. The derivation was based on the integration of the moment curvature 

diagram. For reasons stated in previous section, the emphasis in this research is to provide 

empirical equations based on experimental data to estimate the plastic rotation capacity. 

The proposed equation for plastic rotation capacity θp is given by 
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  (4.20) 

with 2 0.627R =  

 

This equation has been derived using data for the following range of predictive parameters: 

 

• 15 ≤ D/t ≤ 60, 

• 0 ≤N/Ny ≤ 0.60, 

•  40 ≤ Fy ≤ 72.5ksi (Fy is the expected yield strength of the HSS column) 

 

in which Fy is the yield strength of the HSS in ksi. In case Fy is in MPa a unit conversion 

factor c2
unit = 0.145 should be applied. The effect of D/t on θp is more important than the 

effect of N/Ny, since the coefficient of determination becomes 0.256 if D/t is excluded from 

Equation (4.20) versus 0.422 if N/Ny is excluded. Figure 4.8(a) shows the θp values based on 

Equation (4.20) versus the calibrated data from all experimental data. The same figure 

indicates that all the predicted data points are nicely distributed around 45o line, i.e. 

residuals of individual parameters are close to zero error. 

 

The effect of D/t and N/Ny ratios on θp of three different HSS sections is summarized in 

Table 4.3, indicating that a column with D/t = 33 and a N/Ny = 0.30 (typical values for a 4-

story building with HSS sections at the base columns) has a θp smaller than 0.01rad. Due to 

early local buckling of the column Kawaguchi and Morino (2001) came to the same 
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conclusion after evaluating the post buckling behavior of beams and columns under cyclic 

loading.  

 

The HSS database includes 44 monotonic tests, which provided the opportunity to develop 

a prediction equation for θp from monotonic tests alone and compare this equation with the 

previously derived one. The regression equation based on monotonic tests, is 
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  (4.21) 

2 0.726R =  

 

This equation has been derived using data for the following range of parameters: 

 

 

• 20 ≤ D/t ≤ 80, 

• 0 ≤N/Ny ≤ 0.60, 

•  40 ≤ Fy ≤ 72.5ksi (Fy is the expected yield strength of the HSS column) 

 

Equation (4.21) has a larger R2 compared to Equation (4.20) because the calibration of θp is 

based on monotonic moment-rotation diagrams, which is a more reliable measure compared 

to the backbone θp obtained from cyclic tests. Figure 4.8(b) shows the predicted θp values 

based on Equation (4.21) versus the calibrated θp values from monotonic tests for the whole 

range of θp. Similarly to Equation (4.20) the effect of D/t on θp for the monotonic tests only 

is more important than the effect of N/Ny ratio (R2 becomes 0.247 versus 0.601 when D/t 

and N/Ny is excluded from the regression equation). Equations (4.20) and (4.21) indicate 

that the calibrated θp values of the cyclic tests are close to the ones from the equivalent 

monotonic ones provided in the database.  
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4.3.3.2 Post Capping Rotation Capacity θpc 

 

Previous research on prediction of the post capping slope of square hollow section beams 

(N/Ny=0) has been conducted by Kato and Akiyama (1981). They proposed a theoretical 

expression for the negative slope region which is based on moment curvature integration 

method. Others (Kecman, (1983), Gioncu and Petsu, (1995)) have employed the plastic 

collapse mechanism of yield line of plates  for predicting the post-critical behavior of 

rectangular hollow sections. 

 

Here an empirical formulation is proposed to predict the post-capping rotation capacity of 

tubular HSS columns. Only specimens with a clear indication of θpc in their monotonic or 

hysteretic response have been included in the statistical evaluation using a stepwise 

regression analysis approach. The post-capping rotation capacity θpc for the entire data set 

of tubular HSS columns is given by, 
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Based on monotonic data the following slightly different expression is obtained: 
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2 0.842R =  

Thes two equations have been derived using data for the following range of parameters: 

• 20 ≤ D/t ≤ 60, 

• 0 ≤N/Ny ≤ 0.50, 

•  40 ≤ Fy ≤ 72.5ksi (Fy is the expected yield strength of the HSS column) 
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The effect of axial load ratio N/Ny on θpc is more detrimental than the D/t ratio in both 

Equations (4.22, 4.23). This is also seen when the N/Ny term is excluded from the 

regression formulas. The R2 value for Equations (4.22) and (4.23) becomes 0.26 and 0.37, 

respectively compared to 0.60 and 0.70 when the D/t ratio is excluded from the regression 

equations. The reason why N/Ny has a larger effect on θpc than D/t ratio is that once the 

tubular HSS column has buckled it is the axial force that controls how fast the component 

will deteriorate. The larger effect of N/Ny can be seen from Table 4.3, which summarizes 

the predicted values of θpc for three various HSS columns and for different axial load ratios.  

 

Equations (4.22) and (4.23) are very similar, indicating that the calibrated post capping 

slope of the backbone curve of a cyclic test is not far from its equivalent monotonic curve. 

Figures 4.9(a) and 4.9(b) illustrate the predicted θpc values based on Equations (4.22) and 

(4.23), respectively, versus the calibrated θpc values.  

 

4.3.3.3 Cyclic Deterioration Parameter Λ 

 

In order to propose an empirical equation for predicting cumulative rotation capacity Λ for a 

tubular HSS steel column a subset of 40 data points of the steel HSS database is used, since 

only these specimens show slow strength deterioration under cyclic loading. Specimen that 

fail in a brittle manner (i.e., rapid deterioration due to brittle fracture) are not included for 

the equation development. The exponent c that defines the rate of cyclic deterioration was 

assumed to be 1.0. The proposed equation to predict Λ is given by  
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This equation has been derived using data for the following range of parameters: 

 

• 20 ≤ D/t ≤ 40, 

• 0 ≤N/Ny ≤ 0.40, 

•  40 ≤ Fy ≤ 66.5ksi (Fy is the expected yield strength of the HSS column) 

 

Figure 4.10 illustrates the predicted Λ values based on Equation (4.24) versus the calibrated 

Λ values. From this figure it is concluded that Equation (4.24) provides a good prediction 

for the full range of predictors in the database.  HSS elements with D/t ratios larger than 30 

and an average axial load ratio of 0.30 have severe strength deterioration mainly because of 

the early occurrence of local buckling. Kawaguchi and Morino (2001) reached the same 

conclusion based on an extensive experimental program they conducted. They suggested 

that one way to improve both post buckling behavior and energy dissipation capacity of 

HSS columns is to use concrete infill.  

 

The effect of N/Ny on Λ based on Equation (4.22) is more detrimental than the effect of D/t. 

If the N/Ny term is excluded from the stepwise multivariate regression R2 becomes 0.441 

compared to 0.50 when D/t is excluded. Figure 4.11 presents individual examples of 

calibrated moment rotation diagrams of tubular HSS steel columns for different axial load 

ratios but constant D/t ratios illustrating the effect of axial load ratio on rate of cyclic 

deterioration. Table 4.3 summarizes the effect of design parameters of a HSS column on Λ 

for three different column sizes. 

 

 

4.4 Summary and Conclusions 

 

In this chapter the focus is on the two steel databases (W-sections and tubular HSS 

columns) that were developed in this research and presented in Chapter 3. Both databases 

are evaluated statistically in order to propose empirical equations that relate deterioration 
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modeling parameters of plastic hinge regions with geometric and material properties that 

control deterioration. 

 

For other-than-RBS beams two sets of predictive equations are proposed after categorizing 

the data into two subsets based on beam depth. For beams with RBS one set of empirical 

equations is proposed for the range of data that includes specimens with a W21 or larger 

beams since this range of sections is commonly used in practice.  

 

For tubular HSS columns two sets of predictive equations are proposed. The first set 

includes all the tests conducted and the second set predicts θp and θpc based monotonic tests 

only. Based on the coefficients of determination the two sets of predictive equations are 

very similar. The two parameters that greatly affect deterioration parameters are the axial 

load ratio N/Ny and the depth to thickness ratio D/t of the tubular hollow square column. 

 

Based on a statistical evaluation of a representative range of sections and axial load ratios 

for both data sets after the development of predictive equations obtained from stepwise 

multivariate regression analysis it is concluded that: 

 

1. in almost all the cases presented in this chapter regression equations reflect the 

trends and dependence of deterioration parameters on individual predictive 

parameters of W-Sections and tubular HSS columns presented in Chapter 3,  

2. applicability of regression equations is restricted to the range of predictive variables 

included in the individual data sets since each one of the regression equations may 

give inconsistent results outside of that range, 

3. reliability of the regression equations depends on the number of specimens used for 

each data set, 

4. it was found that geometric parameters, such as h/tw and bf/2tf are correlated. In 

order to improve regression equations one should conduct an analysis of variance 
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and define equivalent predictive terms based on combinations of correlated 

predictive variables, 

5. In order to reduce variability of deterioration parameters based on predictive 

equations a systematic approach of grouping the individual connections together 

similarly to beams with RBS is needed, i.e., more specimens of the same connection 

type are needed for a wide range of sections, 

6. predictive equations for deterioration parameters of plastic hinge regions should 

always reflect engineering mechanics concepts. This does not necessarily mean that 

in all cases the proposed predictive equations represent the optimum solution for 

predicting θp, θpc and Λ since mechanics principles may be violated based on the 

“optimum” mathematical manipulation. 
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Table 4.1. Deterioration model parameters based on predictive Equations ((4.4), (4.8) and 

(4.12) for various beam sizes (beams other than RBS, assumed beam shear span L=150", 

Lb/ry= 50, expected yield strength Fy=55ksi. ) 

Section Size θ p (rad) θ pc (rad) Λ h/t w b f /2t f L/d L b /r y d (in)
W21x62 0.027 0.15 0.81 46.90 6.70 7.15 50.00 20.99

W21x147 0.033 0.23 1.67 26.10 5.40 6.80 50.00 22.06
W24x84 0.025 0.16 0.87 45.90 5.90 6.22 50.00 24.10

W24x207 0.030 0.26 1.43 26.60 4.40 5.89 50.00 25.47
W27x94 0.023 0.14 0.76 49.40 6.70 5.57 50.00 26.92

W27x217 0.027 0.23 1.55 29.20 4.70 5.28 50.00 28.43
W30x108 0.021 0.13 0.75 49.60 6.90 5.03 50.00 29.83
W30x235 0.025 0.20 1.18 32.50 5.00 4.79 50.00 31.30
W33x130 0.020 0.13 0.73 51.70 6.70 4.53 50.00 33.09
W33x241 0.022 0.17 1.03 36.10 5.70 4.39 50.00 34.18
W36x150 0.019 0.13 0.77 52.00 6.40 4.18 50.00 35.85
W36x210 0.021 0.20 1.12 39.10 4.50 4.09 50.00 36.69  

 
 
Table 4.2. Deterioration model parameters based on predictive Equations ((4.15), 4.17 and 

(4.19) for various beam sizes (beams with RBS, assumed beam shear span L=150", Lb/ry= 

50, expected yield strength Fy=55ksi) 

Section Size θ p (rad) θ pc (rad) Λ h/t w b f /2t f L/d L b /r y d (in)
W21x62 0.029 0.19 1.08 46.90 6.70 7.15 50.00 20.99

W21x147 0.034 0.32 na 26.10 5.40 6.80 50.00 22.06
W24x84 0.026 0.21 1.20 45.90 5.90 6.22 50.00 24.10

W24x207 na na na 26.60 4.40 5.89 50.00 25.47
W27x94 0.023 0.18 1.02 49.40 6.70 5.57 50.00 26.92

W27x217 na 0.34 na 29.20 4.70 5.28 50.00 28.43
W30x108 0.021 0.18 0.99 49.60 6.90 5.03 50.00 29.83
W30x235 0.023 0.30 1.99 32.50 5.00 4.79 50.00 31.30
W33x130 0.019 0.18 0.96 51.70 6.70 4.53 50.00 33.09
W33x241 0.021 0.25 1.62 36.10 5.70 4.39 50.00 34.18
W36x150 0.017 0.18 0.99 52.00 6.40 4.18 50.00 35.85
W36x210 na 0.29 na 39.10 4.50 4.09 50.00 36.69  
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Table 4.3. Deterioration model parameters based on predictive equations for various tubular 

column sections and different N/Ny ratios (expected yield strength Fy=50ksi) 

Section Size θ p  (rad) θ pc (rad) Λ N/N y D/t
HSS200x200x12 0.032 na 2.73 16.67
HSS300x300x9 0.016 0.19 0.49 33.33

HSS150x150x2.5 0.013 0.16 0.31 40.00
HSS200x200x12 0.022 na 1.00 16.67
HSS300x300x9 0.011 0.08 0.18 33.33

HSS150x150x2.5 0.009 0.06 0.11 40.00
HSS200x200x12 0.014 na 0.24 16.67
HSS300x300x9 0.007 0.02 0.04 33.33

HSS150x150x2.5 0.006 0.02 0.03 40.00

0

0.25

0.4
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Figure 4.1.  Predicted versus calibrated values of θp (beams other than RBS, all data) 
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Figure 4.2.  Beams other than RBS with d ≥ 21"; (a) predicted versus calibrated θp;(b) 

interaction between d/tw and bf/2tf  (beams other than RBS with d ≥ 21") 
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Figure 4.3.  Predicted versus calibrated θpc values and dependce of θpc οn yield strength for 

beams other than RBS for various data sets (W-section database) 
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Figure 4.4.  Predicted versus calibrated Λ values for beams other than RBS and dependence 

of Λ οn yield strength for various data sets (W-section database) 

 



 

________________________________________________________________________________________ 
Chapter 4   Relationships for Modeling Deterioration... 

 144

0 0.02 0.04 0.06 0.08
0

0.02

0.04

0.06

0.08

Calibrated θp (rad)

θ p,
pr

ed
. (r

ad
)

Beams with RBS: (d>=21") Beams with RBS (d>=21"): θp versus c

R2 = 0.259

0.000

0.010

0.020

0.030

0.040

0.050

0.060

0.00 1.00 2.00 3.00 4.00
Flange Reduction c  (in)

θ p
 (r

ad
)

 
 (a) Predicted versus calibrated θp (b) dependence of θp on flange reduction c 
 
Figure 4.5.  Predicted versus calibrated θp values for beams with RBS and dependence of θp 

of beams with RBS versus flange reduction c (d ≥ 21") 
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Figure 4.6.  Predicted versus calibrated θpc values for beams with RBS and dependence of 

θpc οn beam depth d (d ≥ 21") 
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Figure 4.7.  Predicted versus calibrated Λ values for beams with RBS (d≥21") 
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Figure 4.8.  Predicted versus calibrated θp values for tubular steel columns; (a) all data, (b) 

monotonic data (HSS database) 
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Figure 4.9.  Predicted versus calibrated θpc values for tubular HSS steel columns; (a) all 

data, (b) monotonic data (HSS database) 
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Figure 4.10.  Predicted versus calibrated Λvalues for tubular HSS steel columns (HSS 

database) 
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(a) N/Ny = 0.20, D/t = 28.5 
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(b) N/Ny = 0.40, D/t = 28.6 

 
Figure 4.11.  Effect of axial load ratio on cyclic deterioration of tubular HSS columns; (a) 

N/Ny = 0.20, D/t = 28.5, data from Tsuji and Nakatsura (1986), (b) N/Ny = 0.40, D/t = 28.6, 

data from Tsuji and Nakatsura (1986) (HSS database) 
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CHAPTER 5 

DESIGN OF PROTOTYPE BUILDING AND TEST FRAME FOR 
SHAKING TABLE COLLAPSE TESTS 
 
_________________________________________________________________________ 

 

 

5.1 Objective and Scope 

 

Collapse assessment of structural systems necessitates the use of a comprehensive collapse 

experiment to validate existing analytical modeling capabilities for collapse prediction of 

frame structures. For this reason a 4 – story steel structure was designed based on current 

seismic provisions (IBC–2003, AISC–2005), which serves as a prototype structure for this 

research. Two “identical” 1:8 scale models of the perimeter moment resisting frame of the 

4-story steel structure were designed, fabricated and tested up to collapse on the shaking 

table at the NEES facility at the State University of New York at Buffalo (SUNY). This 

chapter describes the main design considerations for the 4-story building and summarizes 

the properties of the moment resisting frame that serves as the lateral load resisting system 

of this building. This description is followed by a discussion of the  scale model used for 

shaking table experimentation, its structural components that were designed to simulate 

strength and deformation characteristics of the prototype frame, and the test setup used to 

simulate gravity and inertia forces on the Buffalo shaking table. 

 

 

5.2 Design of Prototype 4 – Story Steel Building 

 

The 4-story building shown in Figures 5.1 and 5.2 in plan view is designed for vertical and 

lateral loads in accordance with LRFD specifications, IBC (2003), SEI/ASCE-02 (2002) 
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and AISC (2005) design provisions. The building is assumed to be located in Los Angeles 

and is an office building with moveable partitions, a penthouse (shown in Figure 5.2 in plan 

view) and a floor system consisting of a metal deck with a 4 ¼’’ lightweight concrete slab. 

The structural system is a special moment resisting frame (MRF) with fully restrained 

reduced beam sections (RBS) designed based on FEMA–350 (2000) criteria. The first story 

of the building has 15 feet height and all the other stories have 12 feet height. A992 Grade 

50 steel is specified for all structural steel components. The assumed dead loads of the 

building are presented in Table 5.1. Tables 5.2 and 5.3 summarize the seismically effective 

dead weight for a typical floor and the calculated and design seismic weight per floor, 

respectively. The focus is on the east west (EW) loading direction. The EW moment 

resisting frame is shown in Figure 5.3(a); the first three modal periods in this direction are 

1.32sec, 0.39sec and 0.19sec. The NS direction moment resisting frame is shown in Figure 

5.3(b); the first three modal periods in this direction are 1.22sec, 0.42sec and and 0.26sec,. 

 

The structure is classified as Category II; hence the seismic importance factor is equal to 

1.0. The building is assumed to be located on Soil type D in Los Angeles. The maximum 

considered earthquake (MCE) spectral response acceleration at short periods (Ss) and at 1 

second period (S1) is assumed to be 1.5g and 0.9g, respectively, which is close to the values 

found from the United States Geological Survey (USGS) website (www.usgs.gov, 2004) for 

longitude 34.11o and latitude -118.55o (1.62g and 0.62g). The design spectral response 

acceleration parameters SDS and SDI are 1.0 and 0.6. 

 

The upper limit for the predominant period of the structure based on ASCE 7-02 is 0.91sec 

in the EW loading direction of interest. This period is used to satisfy strength requirements 

for the building (see Section 9.5.5.3, ASCE 7-02 (2002)). Based on the 0.91sec period the 

seismic base shear of the structure is 360kips [the design base shear coefficient for the EW 

direction is V/W = 0.082]. 
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Since the building represents a low hazard to human life in the event of collapse, the 

structure is assigned to seismic use group I in accordance with IBC (2003). For this seismic 

use group the IBC specifies an allowable story drift Δa of 0.025hsx, where hsx is the story 

height below level x. The drift requirements of the building are satisfied based on the 

computer analysis period of the frame, which is 1.32sec in the EW loading direction, and 

factoring out the redundancy factor ρ (ρ = 1.384 for this structure), as permitted by current 

seismic provisions. 

 

Columns are assumed to be fixed at the base. All columns are spliced at mid-height of the 

third story. Therefore, critical sections for design of the columns are at the base and the top 

of the third story. Moment resisting frame column sizes are constrained to W24 sections 

since such sections offer the potential for larger bending resistance for relatively small axial 

loads compared to W14 sections. All gravity columns are designed with W14 sections. 

 

Reduced beam section (RBS) moment connections are used and are designed in accordance 

with FEMA-350 (2000) criteria. A summary of coefficients a, b and c, which specify the 

geometry of the “dogbone” beam section at each floor, together with the effective plastic 

section modulus of each girder are presented in Table 5.4. 

 

In order to decrease the probability of having an undesirable mode of failure such as the 

formation of plastic hinges in columns and ultimately a story mechanism, the final sizes 

satisfy the strong column weak beam criterion (SCWB) of AISC seismic provisions given 

by 

 
*

* 1.0pc

pb

M
M

>∑
∑

   (5.1) 
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where *
pcM∑  is the sum of the moments in the column above and below the joint at the 

intersection of the beam and column centerlines. *
pcM  is determined by summing the 

projections of the nominal flexural strengths of the column above and below the joint to the 

beam centerline with a reduction to account for the axial force in the column. The final 

column sizes are also checked for excessive axial forces due to overstrength Ω, which may 

be critical especially for the exterior columns of the moment resisting frame. 

 

Drift checks are performed based on a mathematical model that includes shear deformations 

of panel zones (see Sections 8.2.1 and 8.3). The EW moment resisting frame of the 

prototype structure is modeled in a modified version of the DRAIN-2DX analysis software 

[Prakash et al. (1993), Gupta (1999), Ibarra and Krawinkler (2005)]. In addition, a 

centerline mathematical model is used to verify results. The fundamental period of both 

models of the EW frame is 1.32sec. The applied lateral forces for story drift checks are 

determined based on this period. For final selection of structural sections, iterations are 

performed by changing section sizes in order to fulfill drift requirements. Table 5.5 

summarizes the story drifts of the EW frame based on the design lateral forces for T = 1.32 

sec. Forces and moments for strength requirements are based on 0.91sec period in the EW 

loading direction, as permitted by current seismic provisions. Final beam and interior and 

exterior column sizes are presented in Table 5.6 together with the expected yield bending 

strengths at the assumed plastic hinge locations. Table 5.6 includes also the doubler plate 

thickness of the panel zones designed in accordance with AISC (2005) specifications.  

 

The performance of the SMRF of the 4-story prototype building in the EW loading 

direction from elastic behavior up to collapse was evaluated based on (1) the nonlinear 

static method (pushover analysis) [Krawinkler and Seneviratna, (1998)], assuming a lateral 

load pattern as determined by the equivalent lateral force procedure (Section 1617.4 of IBC 

(2003)) and (2) a nonlinear response history analysis with a set of 40 ground motions to 

account for record–to–record (RTR) variability. Section 8.3 includes a detailed evaluation 
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of seismic performance of the 4 – story EW moment resisting frame of the prototype 

structure. 

 

 

5.3 Design of Test Fame and Setup for Shaking Table Tests 

 

A major challenge of this research was the planning, design, specimen fabrication, erection 

and testing of two collapse test specimens using the shaking table of the Network for 

Earthquake Engineering Simulation (NEES) facility at the State University of New York at 

Buffalo (SUNY). The test specimen described in this section is a 1:8 scale model of the 4-

story steel frame structure discussed in Section 5.2.  The direction of interest is the EW 

direction in which the structure has two 2-bay perimeter SMRFs. Only one SMRF in the 

EW direction is represented. The main reasons for representing only half of the 4- story 

building are costs and the weight limitation of the Buffalo shaking table, since at the 1:8 

model scale the total weight of the structure, which had to be simulated in accordance with 

model similitude laws (Moncarz and Krawinkler, 1982), would be close to 80 kips. A 

summary of similitude laws used on this research is presented in Table 5.7 based on 

Moncarz (1981). 

 

The main challenge in the shaking table test was how to support masses and gravity loads 

of half of the structure, since the latter are required for simulating sidesway collapse. In an 

analysis model, gravity can be placed on a leaning P–Δ column as seen schematically in 

Figure 5.4. In the physical model tested on the Buffalo shaking table, two “sub–structures” 

are designed: (1) the scale model of the SMRF in the EW direction and (2) a mass simulator 

“frame”. Both frames are connected with “rigid” links at each floor level that carry the P–Δ 

effect from the mass simulator to the test frame. The “rigid” links have physical hinges at 

their ends. A detailed description of the main parts of the test setup on the shaking table 

follows in the subsequent sections. Figure 5.5 shows a schematic representation of the test 

frame and mass simulator (plan view and elevation) on the shaking table. 
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5.3.1 Test Frame 

 

The test frame, which is shown in the left half of Figure 5.5, consists of elastic beam and 

column elements and elastic T or cruciform-shaped joint elements, joined together by 

plastic hinge elements. The configuration and details of the plastic hinge elements used in 

the shaking table test structure are the outcome of an extensive component testing program 

that is discussed in Chapter 6. The challenge was to develop a device that (1) is relatively 

easy to fabricate and assemble, (2) could be installed at all possible plastic hinge locations 

of the test frame, and (3) could simulate the deteriorating strength and stiffness properties 

of plastic hinge regions of beams and columns of the prototype structure at all levels of 

deformations up to incipient collapse. The mechanical properties of the plastic hinge 

elements are discussed in detail in Chapter 6. It should be stated up front that the effect of 

concrete slab (floor system composite action) on the strength and stiffness of the beams is 

not considered. 

 

For all the case studies used in this research, beams and columns are modeled as elastic 

elements with plastic point hinges at the ends.  The point hinges are represented by 

rotational springs whose properties are obtained from engineering mechanics principles 

supplemented by a backbone curve and deterioration rules obtained from the databases 

discussed in Chapter 3 and idealized by the modified Ibarra-Krawinkler model discussed in 

Chapter 2. 

 

The use of point hinge models is a simplification of actual behavior. This must be 

acknowledged up front.  It becomes a matter of realization that much more “refined” finite 

element modeling is quite feasible at this time, but that the reality of design, detailing, and 

construction uncertainties render refined modeling not necessarily more accurate than 

simplified point plastic hinge modeling. The plastic hinge elements of the test frame are 

based on the concentrated plasticity concept. 
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The plastic hinge element in the test frame, which is shown in Figures 5.6 consists of a 

spherical hinge whose function it is to transfer shear, two steel flange plates that are 

machined from bar stock so that plastic hinging (with appropriate deterioration) at the ends 

of beams and columns is realistically represented at model scales, spacer plates that permits 

adjustment of the distance between the flange plates and of the buckling length of the 

flange plates, and four bolts that are post-tensioned after all plastic hinge elements are 

installed and the test frame is carefully aligned. These plastic hinge elements are inserted at 

the ends of all beam and column elements of the model structure, acknowledging the 

possibility of inelastic behavior in each element. A typical interior joint of the test frame 

with four plastic hinge elements is shown in Figures 5.7(a) and 5.7(b). Figure 5.8 shows a 

photo and dimensions of a typical flange plate. 

 

The distance from the center of the beam plastic hinge to the column face is set to be as 

close as possible to the scaled theoretical distance defined by the summation of the 

parameters a and ½ b summarized in Table 5.4 for the prototype moment resisting frame. 

Because of geometric constraints it is not feasible to place the plastic hinge elements of the 

columns at their theoretically calculated locations. Thus, the width of the flange plates for 

each location needs to be adjusted so that the bending strength of the plastic hinge element 

is tuned based on the moment gradient of the components. The assumed moment gradients 

and the bending strength of the plastic hinge elements obtained from scaling laws are 

shown in Figure 5.9. Since two 1:8 scale models (noted as Frame #1 and Frame #2) are 

tested to collapse as described in Chapter 7 two sets of flange plates were designed and 

fabricated in order to match the target bending strengths of the plastic hinge elements. 

Tables 5.8 and 5.9 summarize the bending strengths and the flange plate dimensions of 

beams and columns for Frames #1 and #2. The two values of bending strengths for columns 

are for top and bottom locations in the story. Note that the flange plates for Frame #2 have 

smaller width because they are fabricated from different bar stock (larger yield strength), 

but the resulting bending yield strength at all plastic hinge locations is the same as the one 

of Frame #1. 
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The elastic beam (see Figure 5.10(a)), column (see Figure 5.10(b)), and joint elements (see 

Figure 5.11) of the model structure are machined from aluminum stock. All elements are of 

equal width (2.5"), and the depth of the beams is adjusted so that the lateral stiffness of each 

story is properly simulated (accounting for the differences in the effects of panel zone 

deformations on lateral stiffness between prototype and model). Figures 5.12(a) and 5.12(b) 

show a drawing and a photo of the test frame after completion of installation on the shaking 

table. A set of drawings of all the aluminum parts of the test frame can be found in 

Appendix B or can be downloaded from NEES central (https://central.nees.org/). Assembly 

and erection process of the test frame on the shaking table are summarized in Chapter 7. 

 

5.3.2 Mass Simulator and Test Frame – Mass Simulator Links 

 

A critical aspect of the shaking table tests is proper simulation of seismic masses and 

gravity load effects.  Live load effects are ignored, i.e., seismic masses and gravity loads 

have the same origin.  Based on similitude laws, and considering the small self-weight of 

the test frame, it is necessary to add almost 1/64 of half of the weight listed in Table 5.3 to 

the test frame. And the weight needs to be added in a manner that properly simulates P-Δ 

effects all the way to collapse, i.e., at all levels of lateral displacement.  To solve this 

problem this weight is added by means of a mass simulator that is connected to the test 

frame with links that are axially very stiff but provide no rotational restraint. 

 

Only half of the prototype structure is simulated; hence the total scaled weight that needs to 

be provided is approximately 4350/128 = 34 kips. Four steel plates of almost ideal weight 

were available in the laboratory and are used to simulate gravity (one per floor). The plates, 

which are approximately 118x79x3.5 inches, are connected together with four vertical links 

per story. Each vertical link has physical hinges (rod ends) at both ends in order to permit 

free rotation. The mass simulator, which is illustrated in Figure 5.13(b), is in essence a 

mechanism that has no lateral resistance when disconnected from the test frame. Table 5.10 
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summarizes the weight per floor for the test structure together with the target scaled weight 

based on similitude rules. In Chapter 7 the installation of the mass simulator on the shaking 

table is discussed. The drawings of the mass simulator can be downloaded from 

NEESCentral (https://central.nees.org/). 

 

The mass simulator is connected to the test frame with horizontal links installed at every 

floor level.  In this manner the test frame and the mass simulator are forced to undergo 

equal horizontal displacements at every floor level, which is necessary for proper P-Δ effect 

simulation. The four links are instrumented and act as load cells that provide accurate 

measurement of story forces applied to the test frame, including P–Δ forces that are 

transferred from the mass simulator to the test frame. A detailed drawing of the links can be 

downloaded from NEESCentral (https://central.nees.org/). 

 

5.3.3 Collapse Impact Prevention Blocks  

 

Complete collapse of the mass simulator needs to be prevented in order to protect the 

shaking table facility. This is achieved by placing two carefully dimensioned wooden 

blocks in every story on the plates of the mass simulator. The height of each block is 

determined so that every story can rotate in average by 0.25 rad. before the steel plate 

makes contact with the block.  

 

The gaps between the steel plates and the blocks are based on the collapse mechanism of 

the test frame, which is determined from pre–test analytical simulations discussed in 

Chapter 7. Table 5.11 summarizes the gap size per story and the corresponding maximum 

interstory drift ratio (IDR). The collapse impact prevention mechanism worked perfectly 

during the shaking table collapse tests, “catching” the mass plates at about the drifts listed 

in Table 5.11. Detailed drawings of the collapse impact prevention blocks can be 

downloaded from NEESCentral (https://central.nees.org/). 
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5.3.4 Lateral Bracing Systems and Additional Safety Mechanisms 

 

The shaking table tests conducted at the NEES facility at the State University of New York 

at Buffalo are unidirectional tests. Both the test frame and mass simulator, described in 

Sections 5.3.1 and 5.3.2, respectively, have to be laterally supported in order to eliminate 

out of plane motion. Two separate bracing systems are used. Figures 5.13(a) and 5.13(b) 

illustrate the bracing systems for test frame and mass simulator, respectively. Each bracing 

system consists of two vertical braced frames and horizontal tubes that can be fine-adjusted 

so they act as sliders as the test frame and mass simulator displace horizontally (see Figures 

5.13(a) and 5.13(b)). Only the north side (for orientation see Figure 5.5) of each bracing 

system is laterally braced to the shaking table with angle members because the south side is 

used for visual observations.  

 

The bracing systems of both frames have multiple purposes, since apart from lateral support 

they also serve as backup safety mechanisms for the shaking table facility in case of an 

unexpected failure. Transverse angles are installed between the sliders [see Figure 5.13(a)] 

of the bracing system of the test frame. The angles are carefully placed to allow a maximum 

relative displacement at the top floor of the test frame of 20" (approximately 26% roof 

drift). 

 

The bracing system of the mass simulator provides additional safety mechanisms for the 

mass plates at each floor. Transverse angles are installed between the top two sliders of the 

mass simulator (see Figure 5.13b) in order to “catch” the roof mass plate if its relative 

displacement exceeded 20”. Two sets of channel sections are used on top of the mass 

simulator bracing system to provide out of plane support for the two individual frames but 

also to prevent overturning of the mass plates in case that any of the gravity links fractured. 

An additional safety mechanism used is a 40-ton capacity crane. The top mass plate is 

connected with chains to the crane during the collapse testing phase. All the drawings of the 

lateral bracing systems are available through NEESCentral (https://central.nees.org/). 
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5.4 Summary 

 

This chapter presents salient aspects of the design of the 4–story prototype structure and of 

the test setup used in the shaking table tests. The prototype structure fulfills all 

requirements of recent seismic provisions (IBC (2003), SEI/ASCE-02 (2002) and AISC 

(2005)). Strength checks are based on the “code” calculated period, and drift requirements 

are fulfilled based on the computer analysis period as the design code permits. 

 

The test frame used in the shaking table studies is a 1:8 scale model of one of the two EW 

moment resisting frames of the prototype. Two nominally identical model frames are tested. 

The two frames are noted as Frame #1 and #2. Contributions of the gravity columns and 

beams to lateral strength and stiffness are not incorporated in the test structure. The single 

frame test configuration is dictated by cost considerations and pay load limitations of the 

Buffalo NEES shaking table facility. 

 

Beam, column and joint elements of the test frame are machined from aluminum bar stock 

and are designed to behave elastic up to incipient collapse. Regions of inelastic 

deformations close to the ends of all beam and column elements of the test frame are 

represented by plastic hinge elements whose properties are tuned to replicate the moment-

rotation characteristics of the prototype beams and columns, including deterioration 

characteristics. Tuning of these properties necessitated an extensive component testing 

program that is described in Chapter 6. 

 

P-Δ effects are represented through the use of a mass simulator placed in parallel with the 

test frame and connected to the frame at all floor levels by very stiff horizontal links. 

Lateral resistance is provided only by the test frame. The links are instrumented in order to 

measure the story forces including the effect of P–Δ. 
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In order to eliminate the risk of damage to the shaking table facility due to gravity load 

impact after the model loses its lateral resistance, i.e., collapse occurs, a number of different 

safety mechanisms are designed. The primary collapse prevention mechanism is a set of 

wooden blocks placed between the mass plates. The wooden blocks are designed such that 

the gap between the blocks and the plates allows an average 0.25 rad interstory drift ratio. 
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Table 5.1.  Dead loads of the prototype building 

 

Table 5.2.  Estimation of seismically effective dead weight for typical floor 

FLOOR LOADING 

DESCRIPTION 

FLOOR 

LOADING 

TRIBUTARY  

AREA 

WEIGHT IN 

kips 

4 ¼'' Concrete Slab 48 psf 10800 ft2 518 

18 ga. Steel Deck 5 psf 10800 ft2 54 

Interior Partitions1 10 psf 10800 ft2 108 

Girders (average) 100 plf 300 in.ft 30 

Floor Beams 75 plf 840 in.ft 63 

Columns (average) 200 plf 240 in.ft 48 

Roofing Systems 15 psf 10800 ft2 162 

Misc (MEP, fire proofing, etc.) 12 psf 10800 ft2 130 

Exterior Cladding 20 psf 5040 ft2 101 

 

                                                 
1 for design dead load interior partitions are assumed to be 20psf 

LOAD DESCRIPTION LOAD 

4 1/4" Lightweight Concrete Fill  (110x5.25/12) 48 psf 

Metal Deck 5 psf 

Misc. (flooring, ceiling, MEP, fireproofing, etc.) 12 psf 

Partition Loads 20 psf 

Exterior Cladding 20 psf 

Floor beams 50 plf 

Girders (average) 100 plf 

Columns (average) 200 plf 
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Table 5.3.  Calculated and design seismic weight per floor in the prototype 

Floor Calculated Units Design Units 

Roof 1181 kips 1200 kips 

4 1054 kips 1050 kips 

3 1054 kips 1050 kips 

2 1064 kips 1070 kips 

total 4349 kips 4370 kips 

 

 

Table 5.4.  Parameters of reduced beam sections for final prototype design 

Floor 
a  

(in) 

b 

(in) 

c 

(in) 

ZRBS  

(in3) 

Roof 6.28 18.17 1.88 144 

4 6.28 18.17 1.88 144 

3 7.50 22.50 2.25 199 

2 7.50 22.50 2.25 199 
 

 

Table 5.5.  Story drift under design lateral forces 

 

Centerline model 

including structure 

 P-Delta effects 

Model with PZ 

deformations 

including structure 

 P-Delta effects 

Allowable 

Story xeδ /h xeδ /h Δα/ρ 

4 0.0144 0.0144 0.0181 

3 0.0179 0.0177 0.0181 

2 0.0176 0.0174 0.0181 

1 0.0128 0.0129 0.0181 
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Table 5.6.  Final sections for interior and exterior columns and beams of EW frame in 

prototype building, together with doubler plates for interior and exterior panel zones 

Interior & Exterior M y,p M y,p Dbl. plates Dbl plates

Columns (kips-in) (kips-in) for interior for exterior
panel zone panel zone

Roof - - W21x93 7930 ¾ ’’ ¼’’
W24x76 11000 - - - -

4 - - W21x93 7930 ¾ ’’ ¼’’
W24x76 11000 - - - -

3 - - W27x102 10938 ½ ‘’ -
W24x131 20350 - - - -

2 - - W27x102 10938 ½ ‘’ -
W24x131 20350 - - - -

Floor Beams

 
Table 5.7.  Summary of similitude laws (after Moncarz, 1981) 

Scaling Parameters Model Type: Artificial Mass 
Simulation 

Length lr lr 
Time tr lr

1/2 
Frequency ωr lr

-1/2 
Velocity vr lr

1/2 
Gravitational acceleration gr 1 
Acceleration ar 1 
Strain εr 1 
Stress σr Er 
Modulus of elasticity Er Er 
Specific stiffness (E/ρ)r ** 
Displacement δr lr 
Force Fr Er lr

2 
Energy (EN)r Er lr

3 
** scale ratio undefined is selected by the investigator 
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Table 5.8.  Flange plate dimensions and bending strengths for Test Frame #1 

Floor 

Interior and 
exterior 
column 

flange plates 

My,p of 
columns* 
(kips-in) 

Beam 
flange 
plates 

My,p of 
beams 

(kips-in) 

Roof - - 0.15x0.58 13.5 
- 0.15x0.58 13.5/13.5 - - 

4 - - 0.15x0.58 13.5 

- 0.15x0.58 
0.15x1.10 13.5/27.0 - - 

3 - - 0.15x0.83 19.0 
- 0.15x1.10 27.0/27.0 - - 

2 - - 0.15x0.83 19.0 

- 0.15x1.10 
0.15x1.34 27.0/33.0 - - 

*The two values for bending strengths are for top and bottom column location 

 

Table 5.9.  Flange plate dimensions and bending strengths for Test Frame #2 

Floor 

Interior and 
exterior 
column 

flange plates 

My,p of 
columns* 
(kips-in) 

Beam 
flange 
platess 

My,p of 
beams 

(kips-in) 

Roof - - 0.15x0.46 13.5 
- 0.15x0.46 13.5/13.5 - - 
4 - - 0.15x0.46 13.5 

- 0.15x0.46 
0.15x0.88 13.5/27.0 - - 

3 - - 0.15x0.66 19.0 
- 0.15x0.88 27.0/27.0 - - 
2 - - 0.15x0.66 19.0 

- 0.15x0.88 
0.15x1.07 27.0/33.0 - - 

*The two values for bending strengths are for top and bottom column location 
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Table 5.10.  Target and actual weight per floor of the test frame 

Floor 
Target Scaled 

Weight (kips) 

Actual 

Weight (kips) 

Roof 9.4 8.8 

4 8.2 8.6 

3 8.2 8.6 

2 8.4 8.6 

 

Table 5.11.  Gap between collapse impact prevention blocks and mass plates together with 

maximum defined IDR 

Story 
Gap  

(in) 

IDR 

(rad) 

4 5/8 26% 

3 5/8 26% 

2 5/8 26% 

1 ¾ 23% 
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Figure 5.1.  Plan view of a typical story of the prototype office building 

 

 
Figure 5.2.  Plan view of roof of the prototype office building. Penthouse is highlighted in 

grey 
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(a) EW direction 

 

 
(b) NS direction 

 
Figure 5.3.  Elevation views 

 
Figure 5.4.  EW moment frame with leaning column 
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Figure 5.5.  Plan view and elevation of the scale model of the EW moment frame and mass 

simulator 

 
Figure 5.6.  Dimensions of plastic hinge element 
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(a) Drawing of an interior joint of the test frame 

 
(b) Photo of interior joint with four plastic hinge elements 

Figure 5.7.  Drawing and photo of an interior joint with four plastic hinge elements 
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(a) Typical flange plate 

 

 
(b) Photo of typical flange plates 

 

Figure 5.8.  Drawing and photo of typical flange plates used in plastic hingle elements 
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Figure 5.9.  Plastic bending strength for beams and columns of the test frame 
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 (a) aluminum beam at first floor 
 

 
 (b) aluminum column in the first story 
 

Figure 5.10.  Dimensions of elastic beam and column elements [Cad drawings in 

Solidworks (2004)] 
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Figure 5.11.  Exterior aluminum joint element of test frame [Cad drawing in Solidworks 

(2004)] 
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(a) drawing of test frame 

 

 
(b) test frame after installation on the shaking table 

Figure 5.12.  Test frame for shaking table tests; (a) basic dimensions (b) after installation on 

the shaking table 
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(a) lateral bracing system for test frame 

 
(b) lateral bracing system for mass simulator 

 

Figure 5.13.  Bracing systems for test frame and mass simulator 
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CHAPTER 6 

COMPONENT TESTS 
 
_________________________________________________________________________ 

 
 

6.1 Objective and Scope 

 

Deterioration modeling and planning for the shaking table tests of the model frame 

discussed in Chapter 5 required a series of component tests. The objective is to simulate 

prototype east west (EW) moment resisting frame behavior. The component tests are aimed 

at (1) identifying the configuration of plastic hinge elements and the flange plates of each 

plastic hinge element of the test frame, (2) fine tuning the geometry and boundary 

conditions in order to replicate the hysteretic behavior of the prototype connections and (3) 

providing mechanical characterization of the deterioration characteristics of each 

component of the test frame. Additional objectives are the experimental validation of the 

scaled stiffness of the subassemblages of the test frame and fine tuning of aluminum beams 

per floor to achieve the target scaled stiffness. Thus a detailed program of component tests 

is carried out in which the basic dimensions of the flange plates together with their 

boundary conditions are varied systematically. Specimens with single and double flange 

plate arrangements are tested both monotonically and cyclically. This chapter focuses on 

the component test series performed prior to the shaking table collapse tests discussed in 

Chapter 7. All the component tests are conducted in the laboratory of the John A. Blume 

Earthquake Engineering Center at Stanford University. 

 

Also discussed in this chapter are component tests of selected plastic hinge elements of the 

test frame carried out after completion of the shaking table tests at the State University of 

New York at Buffalo. The objective of these tests is to quantify the effect of deterioration 
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of critical components of the two test frames for post-shaking table collapse prediction for 

the two test frames. 

 

 

6.2 Target Deterioration Characteristics of Plastic Hinge Elements 

 

One of the primary objectives of the shaking table tests is to validate analytical models and 

their ability to predict sidesway collapse due to P–Δ effects and component deterioration. 

Since a scale model of the prototype frame is used to replicate “reality” the deterioration 

characteristics of the idealized plastic hinges need to “match” as close as possible the ones 

of the 4-story prototype structural components described in Section 5.2 of Chapter 5. The 

steel database described in Chapter 3 is used to identify the target component deterioration 

characteristics of the EW prototype frame. 

 

Since it is not feasible to physically simulate the asymmetric behavior caused by composite 

action of reduced beam section (RBS) moment connections in the test frame, the effect of 

floor slab on the hysteretic behavior of the beams is also not considered in the component 

tests. Figure 6.1 illustrates the hysteretic behavior of steel components similar to the ones 

used in the design of the prototype frame described in Section 5.2. Table 6.1 summarizes 

the “target” deterioration parameters used for the collapse prediction of the prototype 

structure after calibrations with the modified Ibarra–Krawinkler deterioration model 

discussed in Section 2.3.  

 

 

6.3 Test Specimens – General Description 

 

In the design of the prototype structure in Section 5.2 four different section sizes are used as 

summarized in Table 6.1. The monotonic and hysteretic behavior of four different plastic 

hinge elements of the test frame is investigated. The four locations are circled in Figure 
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6.2(a). The highlighted exterior component subassembly shown in Figure 6.2(a) is used for 

all the component tests (see Figure 6.2(b)).  

 

Two different options of plastic hinge elements are investigated (which herein will be 

referred to as specimens type A and type B). Both options include a plastic hinge element 

with two flange plates fabricated from bar stock. All the parts of the component 

subassembly that are designed to remain elastic (shown in Figures 5.10 and 5.11 of Chapter 

5) are made of aluminum.  

 

For reasons discussed later on in Section 6.4 Type B specimens are selected for final design 

of the test frame for shaking table experimentation. The subsequent sections include a 

description of the experimental setup and test specimens. 

 

6.3.1 Experimental Setup 

 

In order to carry out the component test program an experimental setup was built in the 

laboratory of the John A. Blume Earthquake Engineering Center at Stanford University. 

The experimental setup could accommodate a large variety of specimens including 

cantilever and exterior subassemblages. Figure 6.3 shows a specimen in the testing 

apparatus. The test setup consists of the support frame, loading devices and 

instrumentation. Figure 6.4 shows a photo taken during testing. The support frame is 

described in Section 6.3.2. Sections 6.3.3 and 6.3.4 describe specimens type A and B, 

respectively. Section 6.3.5 discusses loading devices and instrumentation. 

 

6.3.2 Support Frame  

 

The support frame consists of standard hollow square sections and two channel sections 

(see Figure 6.4). The purpose of the frame is to provide a sufficiently rigid support for the 

test specimen. A component specimen similar to the one shown in Figure 6.2(b) is attached 
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to the frame with a set of four bolts. The same frame with a set of two physical hinges can 

be used to test a beam to column subassemblage. To prevent out of plane movement of the 

specimen, a lateral bracing system is provided. Lateral braces are attached to the support 

frame and are located on the sides of the two channel sections. Figure 6.4 shows a photo of 

the main parts of the test setup during a test. 

 

6.3.3 Specimen Type A 

 

Figure 6.5 shows a specimen type A during testing. The elastic parts of the specimen are 

made of aluminum as mentioned earlier. The exterior joint (see part 1 in Figure 6.6) is 

machined from a solid aluminum block and acts as a clevis. In the clevis a rod end and a pin 

are inserted, with the latter press-fitted to the clevis. The threaded rod is inserted in an 

aluminum block (see Part 2 in Figure 6.6) that is bolted to the aluminum beam made out of 

hollow square aluminum tube. 

 

The type of component end, representing a plastic hinge element, is shown in Figure 6.6 

after installation of all the parts. The two flange plates are machined from steel bar stock. 

Both flange plates are connected to the aluminum blocks with 1/2" high strength bolts, as 

shown in the same figure, providing a fixed end. The trapezoidal cut of the clevis (see 

Figure 6.6) allows to the steel plate to buckle freely. 

 

The flange plates of the plastic hinge element are 1/4" thick at the unreduced region and 

have a length over thickness ratio (L/t) at the reduced region between 4 to 8. The L/t ratio 

characterizes the post - buckling behavior of the specimen. In order to achieve the selected 

L/t ratios each plate was water–cut using a computer numerical control (CNC) machine that 

reads G-code (Liu et al., 2004) instructions for selective removal of steel material. For ease 

of fabrication steel material was removed from only one side of the plate. A typical flange 

plate with L/t equal to 8 of specimens type A is shown in Figure 6.7.  
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The selected L/t = 4 to 8 ratios for exploratory testing are based on a literature review 

[ASTM E466, (1974) specifications, Morrow and Raske, (1969), Topper and Sandor, 

(1970)]. These studies suggest that in order to avoid local buckling in cylindrical specimens 

with tangentially blending fillets between the test section and the ends, the ratio of test 

section lengths to test section diameter should be less than 4. Zohrei and Krawinkler (1979) 

conducted monotonic and low cyclic fatigue tests of A36 cylindrical specimens with length-

to diameter ratios (L/D) of 1.5 to 2.5 to avoid local buckling.  

 

Each flange plate is sand–blasted near the bolt region in order to create a rough surface and 

increase the coefficient of friction. This was needed in order to prevent slippage between 

the flange plates and aluminum parts. 

 

The flange plates are installed with the curved surface facing the inside of the plastic hinge 

element (see Figure 6.6), since the effect of the additional moment due to eccentricity of the 

flange plate in the reduced region was less compared to the opposite case. 

 

The test matrix and a summary of results of selected tests of specimens type A is presented 

in Section 6.5.3. 

 

6.3.4 Specimen Type B 

 

The cyclic behavior of specimen type A is satisfactory except for the fact that early fracture 

occurs in the flange plates. As discussed later on in Section 6.5.4, the main problem of 

specimen type A is an undesirable slip; hence the target scaled stiffness of the 

subassemblage was difficult to be predicted accurately.  

 

An alternative to a specimen type A is what is referred to in this chapter as specimen type 

B. This is the configuration that is employed in the test frame for shaking table 
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experimentation. The concept is similar to specimens type A but the plastic hinge element 

and elastic parts are different compared to specimens type A.  

 

The type of component end, representing a plastic hinge element of specimens type B, is 

shown in Figure 6.8. Drawing of the elastic parts (beams, columns and joint) were 

presented in Figures 5.10 to 5.11 of Chapter 5. Specimen type B shown in Figure 6.8 

consists of two solid aluminum members and the plastic hinge element. A ball joint swivel 

bearing is shrink – fitted into the machined end of the beam element (Part 2, Figure 6.8). 

The aluminum beam is then pin-connected to the aluminum joint element whose end is 

machined into a clevis (Part 1, Figure 6.8). The pin is press – fitted into the clevis, which 

eliminated any “play” in the hinge. The advantage of specimen type B compared to type A 

is that any slippage between the aluminum parts is eliminated. A drawing of the plastic 

hinge element is shown in Figure 6.9(a). 

 

The flange plates (“dogbones”) attached to specimens type B are machined from a steel 

plate (A572Gr.50). They are designed to be symmetric. Figure 6.9(b) shows the basic 

control parameters of these flange plates (w and L are the width and length of the reduced 

section). All flange plates have a constant thickness of 0.15". The width w in the reduced 

region is varied in order to satisfy the strength requirements of each plastic hinge location 

of the test frame. The reduced section is water-cut with a radius of 1". Using this radius, 

results in a stress concentration factor of 1.05 according to Peterson’s stress concentration 

factor tables for the given geometry (Pilkey et al., 1997).  

 

The flange plates are placed between spacer and clamping plates (Parts 3 and 4 in Figure 

6.8). The spacer plates have 1/2" and 5/8" thickness for beams and columns, respectively. 

The clamping plates are 3/8" thick. Flange plates, spacers and clamping plates are 

connected to the aluminum beam (Part 2 in Figure 6.8) and aluminum joint (Part 1 in Figure 

6.8) with 5/8" high strength bolts, providing a fixed end. Since the aluminum parts of the 



 

________________________________________________________________________________________ 
Chapter 6   Component Tests 

 183

subassemblage are designed to have a tolerance of 0.002" the holes of the flange and shim 

plates are oversized in order to have flexibility for final alignment adjustments. 

 

The distance between the spacer plates and between the clamping plates, together with the 

L/t ratio of the flange plate in the reduced section, control the post–buckling behavior of the 

plastic hinge element. Thus these distances are considered as additional variables in the 

testing program of the component tests.  

 

In order to avoid any slip between the surfaces of the aluminum parts and the steel plates 

the surfaces of the flange and clamping plates were sand-blasted. The pretension force in 

each bolt is calculated (Euler, 2002) to prevent slip at the maximum applied load on each 

flange plate. The required torque to pretension the bolts of the connection is determined 

based on a calibration diagram obtained by using a load cell and a calibrated torque wrench 

given the length of the bolt. The calibration diagram is shown in Figure 6.10. During 

installation of the flange plates, the plastic hinge element is first aligned and then clamped 

on a flat table. The strain gages installed on each flange plate at the outer and inner surfaces 

are connected to a data acquisition system. By keeping the strain recordings at a low level 

while pre-tensioning the bolts the stress level in the flange plates is kept low. 

 

6.3.5 Instrumentation 

 
Load and displacement measurements: The tip load applied to the specimens is measured 

with a load transducer. For all the specimens tested at Stanford University displacement 

control is used. The displacement is recorded with the displacement transducer of a 

universal testing machine (t-slot table) as illustrated in Figure 6.4. An additional 

displacement transducer (string pot) is used in order to measure tip displacement of the test 

specimens. In order to apply displacement/load to the beam tip a link with rod end bearings 

at both ends is used as shown in Figure 6.4. 
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Strain measurements: The instrumentation for the flange plates is designed to be capable 

of recording strains and deformations in the plastic hinge regions and the onset and 

propagation of local buckling. Electrical wire resistance gages in a quarter - bridge 

arrangement are installed at the top and bottom center locations of each flange plate (see 

Figure 6.11). Most of the strain gages operated satisfactory up to 15000μin/in. The strain 

gages are used to 

 

1. detect initiation and propagation of yielding and initiation of local buckling of 

the flange plates and  

 

2. correlate strain measurements with forces in the flange plates. The plate force 

versus strain relationship for each plastic hinge served as a calibration for the 

shaking table test in order to deduce flange plate forces, plastic hinge moments 

and beam and column shear forces (see Table C.1 of Appendix C).  

 

Plate deformation measurements: Clip gages are employed to measure the flange plate 

elongation during each test. These gages are home-made extensometers specially fabricated 

(thickness t and height h) to cover the entire range of behavior of a flange plate from elastic 

behavior up to fracture. The clip gages are made out of aluminum alloy. They measure the 

axial deformation of the flange plate over 1.5" length. The two “legs” of the clip gage have 

a knife edge that is inserted into a notch on the outside surface of the flange plate in order to 

make sure that the clip gage does not slip during testing. The clip gage is positioned on the 

outer surface of the flange plate and is held in place with a set of rubber bands as shown in 

Figure 6.11. Clip gages are used to 

 

1. measure flange plate elongation/shortening during the experiment and 

 

2. deduce the rotation of the plastic hinge region over 1.5" length 
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Recording equipment: Clip gage measurements, strain gage readings, tip displacement 

and load are continuously recorded through a DAQ, shown in Figure 6.12. A total of 9 

channels are used for each test. All signals are recorded by a program written in G–

language (Conway and Watts, 2003) using LabVIEW 6.1 software. The control unit for the 

experiment consists of a hydraulic pump and a computer unit that also records the applied 

load and displacement. 

 

All recorded signals are initially filtered with an analog filter that is embedded into the 

DAQ and is set to 4Hz. The digital output from all signals is also filtered digitally using a 

low pass Butterworth filter, designed in MATLAB programming language (2006). The cut–

off frequency for each signal is based on a Bode plot (log of magnitude of signal versus 

frequency), which shows the transfer function or frequency response of a linear, time–

invariant system to the individual input signal [Oppenheim et al. (1999)]. 

 

6.3.6 Material Properties 

 

Four sets of tensile tests are conducted (two sets each) in order to define the material 

properties of the A572 grade 50 steel plate used to fabricate the flange plates for all the 

plastic hinge elements of the model structure. Tensile specimens are fabricated based on 

ASTM (1974) specifications. The elongation over 1" of each tensile specimen is measured 

with an extensometer as shown in Figure 6.13(a). Figure 6.13(b) shows a tensile specimen 

after necking during a tensile test. 

 

The first set of tensile test specimens was stress relieved but the second one was not, in 

order to quantify the effect of surface machining stresses on the tensile behavior of the 

flange plates. To remove the effects of prior cold work and machining and grain 

deformation the first set of specimens was heated to a temperature of 950oF (Totten, 2006), 

which is just below the eutectoid transformation temperature. The yield and ultimate 

strength for both materials is presented in Table 6.2 together with the exact dimensions of 
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the tensile specimens. Figure 6.14 shows the engineering stress strain curves for specimens 

cut from the A572 grade 50 steel plate with/without stress relief. 

 

 

6.4 Testing Program  

 

Since various flange plate sizes are needed for the test structure, and since different 

deterioration characteristics are targeted for the structural elements of the EW prototype 

four story moment resisting frame, a comprehensive specimen testing program is 

conducted. During the test series, the length/thickness ratio of the flange plates are varied 

systematically.  The thickness and length of the flange plates need to be tuned such that 

their pre-and post-buckling axial behavior results in the desired moment rotation 

relationship of the plastic hinge at the end of the structural element. 

 

For specimens with two flange plates, elastically the axial forces acting on both plates are 

equal. When one plate buckles, while the other plate is in tension, the force equilibrium in 

section AA of Figure 6.15 is satisfied with a force generated at the pin location.. 

 

6.4.1 Test Series of Specimens Type A  

 

Five exploratory tests of specimens type A are conducted. Four of the specimens are loaded 

monotonically using a single plate arrangement and varying the L/t ratio. The fifth test is 

conducted with a specimen with two flange plates. This specimen is loaded cyclically with 

the SAC loading protocol (Krawinkler et al. 2000), as shown in Figure 6.16. Table 6.3 

summarizes the test matrix including basic experimental results for three specimens. 

Results and subsequent test evaluation are discussed in Sections 6.5 and 6.6. The specimen 

identification distinguishes each specimen from the other based on (1) the type and number 

of flange plates used and (2) the test type (cyclic or monotonic tension or compression). For 

example, specimen “DB1-L/t=4-1-T” means that specimen #1 has a flange plate with L/t 
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ratio equals to 4, a single plate (1), the specimen is loaded monotonically such that the 

flange plate is in tension (T). 

 

6.4.2 Test Series of Type B Specimens  

 

For specimens Type B the distances between the spacer plates and between the clamp plates 

are considered as additional variables in the testing program. These distances control the 

boundary conditions of the flange plates. In total 38 specimens are tested, Four of them 

with two flange plates. Twenty eight tests have a single flange plate arrangement and are 

tested monotonically or cyclically using the SAC loading protocol (Krawinkler et al. 2000) 

discussed in Section 6.4.1. Table 6.4 summarizes the material properties of steel used for 

flange plate fabrication if the tensile specimens used are flange plates with L/t = 3 and 4 

indicating that there is practically no variation of yield and ultimate stresses compared to 

material properties based on coupon tests discussed earlier. Table 6.5 summarizes the test 

matrix of specimens type B including basic experimental results for 9 selected specimens. 

The specimen identification used for specimens type B is slightly different from the one 

used for specimens type A. For example, a specimen with notation “DB:8-L/t=4,12,4-1-T” 

means that specimen #8 has a flange plate with L/t=4 and an “effective” L/t ratio for 

clamping plates and spacers equals to 12 and 4, respectively, (here L is the edge-to-edge 

distance between clamping plates and between spacer plates, respectively), the specimen 

had a single flange plate (1) and is loaded monotonically such that the flange plate is in 

tension (T). 

 

 

6.5 Experimental Results 

 

In this section important experimental data obtained from selected tests conducted for 

specimens types A and B are presented in tables and graphs. The focus is on specimens of 
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type B since these specimens are used in the final design of the frames tested on the shaking 

table of the NEES facility in Buffalo. 

 

6.5.1 Definition of Deflection Components and Rotations 

 

Basic components of deflection are presented in Figures 6.17(a) and 6.17(b) for single and 

double flange plate specimens. In summary: 

 

• δ1 is the elastic tip deflection of the specimen due to bending of the aluminum joint 

(part 1-1) 

• δ2 is the tip deflection of the specimen due to bending of the flange plate(s) (part 2-

3) 

• δ3 is the tip deflection of the specimen due to axial deformation of the pin region. 

This component of deflection is negligible for components with two flange plates 

and is not considered during test evaluation of specimens with double flange plate 

arrangement 

• δ4 is the tip deflection of the specimen due to bending of the aluminum beams (part 

3-4) 

• additional deflections due to panel zone distortion and bolt elongation are evaluated 

and are found to be negligible (see Section 6.6).  

 

For all components of deflection, shear deformations are neglected. 

 

The rotation over 1.5" length of the plastic hinge region, denoted as θ1.50”, is deduced based 

on the measured clip gage elongation/shortening. Assuming that the clip gages for top and 

bottom flange plates measure axial plate deformations of Δt and Δb, , the deduced θ1.50” is 

given by 
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h
bt Δ−Δ

="50.1θ  (6.1) 

 

in which h is the centerline distance between the two flange plates. For single plate 

specimens Equation (6.1) becomes 

 

(  )
1.50"

2 t or b

h
θ

⋅Δ
=  (6.2) 

 

Chord rotation θChord is defined as the rotation with respect to the centerline of the pin 

(center of plastic hinge location). For single plate specimens θChord is given by 

 

LChord
432 δδδ

θ
++

=  (6.3) 

 

in which L is the distance from the point of load application to the centerline of the pin, as 

shown in Figure 6.17. For a specimen with two flange plates the same equation is used but 

setting the δ3 term equal to zero. 

 

6.5.2 Definition of Yield Load and Yield Displacement 

 

The tip load applied to the specimen is designated with P. The yield load for each 

specimen, Py (My=Py.L), is obtained from the monotonic load-displacement curve and is 

considered to be the lower value of the plateau region before the specimen reaches the stain 

hardening slope. The yield displacement δy (rotation θy) is then defined as the ratio of the 

yield load over the elastic stiffness of the specimen (see discussion in Section 6.5.4.2). 

 

Given the tip load P, the moment at the plastic hinge location is obtained as M = P/L, and 

the force in the flange plate can be computed as F = M/(h/2) if a single flange plate is used. 
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If two flange plates are used, the flange plate forces cannot be obtained directly from 

equilibrium (see Figure 6.15), but can be deduced from the force versus strain calibrations 

obtained from tests with a single flange plate. 

 

6.5.3 Specimens Type A - Results 

 

The principal experimental results are presented in Table 6.3 for selected tests of specimens 

type A. This table lists the specimen ID, the yield load, Py, and associated tip displacement, 

δy, and plastic hinge moment, My, the load at which the plate buckles, Pb, and associated 

rotation over 1.5" length, θb
1.5”, and plastic hinge moment, Mb.. The table also includes the 

ultimate rotation capacity over 1.5" length θu,1.5” at which fracture of the flange plate 

occurs. The total elastic stiffness (Ke) of each specimen and the rotational stiffness over 

1.5" length KR
,1.5” of the plastic hinge element are also included in Table 6.3. As observed 

from the experimental data, the Ke for specimens with a single plate is different for tension 

and compression loading because of the different axial deformation of the pin region for 

positive and negative loading. 

 

6.5.3.1 Monotonic and Hysteresis Diagrams 

 

Monotonic and hysteresis diagrams, characterizing the overall behavior of three selected 

specimens and the behavior of the plastic hinge element, are presented in Figures 6.18 to 

6.20. The first specimen [Figures 6.18(a) to 6.18(c)] has a single plate with L/t ratio equal to 

4 and is loaded monotonically such that the flange plate is in tension. The second single 

plate specimen (Figures 6.18d to 6.18f) has the same L/t ratio but the flange plate is loaded 

in compression. The third specimen has two plates (Figures 6.19 and 6.20) and is subjected 

to cyclic loading. The following plots are included: 

 

1. Tip load – tip displacement (P – δtip), describing the overall behavior of each 

specimen 
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2. Moment – rotation over 1.5" length (Mc – θ1.5”), describing the behavior of the 

plastic hinge region 

 

3. Moment – chord rotation (Mc-θChord), describing the behavior of the beam 

including deformations due to bending in the plastic hinge element and elastic 

beam (parts 2-3 and 3-4 as defined in Figure 6.17). (Only for the monotonic 

tests) 

 

An evaluation of these diagrams makes it possible to obtain a complete picture of the 

contribution of each component to the overall behavior of the subassemblage. 

 

As observed from the monotonic tests of single plate specimens [Figures 6.18(a) and 

6.18(d)], the elastic stiffness is different for tension and compression loading directions as 

already mentioned earlier. The reason is the undesirable component of deflection δ3 due to 

axial deformation of the pin (rod end), which is different in the two loading directions.  

 

From the monotonic tension tests with single plate arrangement [see Figures 6.18(a) to 

6.18(c)] it is observed that the specimen yields relatively early because of the combined 

axial and bending effect. The reason why no yield plateau is present is the eccentricity of 

the flange plate, which introduces an additional moment at the flange plate. Figure 6.18(b) 

shows that specimen DB1-L/t=4.0-1-T fractures at about θ1.5" = 0.07rad under monotonic 

tension, which indicates that specimens Type A fracture relatively early. 

 

Based on the compression test of an identical specimen with L/t=4 (see Figure 6.18(d)) the 

flange plate buckles at a load slightly smaller than the yield load in tension. Based on 

Figures 6.18(e) and 6.18(f), which show the moment at the centerline of the pin versus the 

rotation over 1.5" and chord rotation, respectively, it is difficult to estimate an elastic 
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rotational stiffness because of slip between parts 2 and 3 (see Figure 6.6 for description of 

parts 2 and 3) and because of clip gage sensitivity in the elastic range.  

 

The bending effect due to eccentricity of the flange plates for specimens type A is also 

evident in the overall behavior of the specimen with two flange plates. As seen in the tip 

load -tip displacement diagram of Figure 6.19 and the M-θ1.5" diagram of the same specimen 

in Figure 6.20 the hysteretic behavior is asymmetric. 

 

The disadvantage of specimen type A, for final design of the test frame for shaking table 

testing, is an undesirable slip that is observed between parts 2 and 3 (see Figure 6.6 for 

definitions), which is reflected in the elastic loading and unloading stiffnesses of specimen 

DB5-L/t=4.0-2-Cyclic as shown in Figure 6.19. The prediction of a scaled stiffness of the 

subassembly becomes unreliable because of this slip. This would render a period 

calculation of the model structure tested at the NEES facility in Buffalo rather ambiguous. 

 

As seen from Figure 6.18b, specimens of type A fracture monotonically at about θ1.5” = 7%. 

Cyclically, as indicated in Figure 6.20, both flange plates fracture early during the loading 

history (during the 2nd cycle at 3% story drift). The reason is the combined axial and 

bending loading condition due to eccentricity of the flange plate. The ultimate rotation 

capacity θu,1,5” of specimens of type A under cyclic loading is very low (see Table 6.3) 

compared to the target values for beams with RBS. Ricles et al. (2004) reported that ductile 

tearing in an RBS region occurs at about 7 to 8% total rotation. Figure 6.21 shows a 

summary of photos at critical points of the loading history during a cyclic test. Figures 

6.21(c) and 6.21(d) illustrate the fractured flange plates of specimen type A at 3% story 

drift. 

 

For the reasons discussed in the last two paragraphs it was decided to explore a different 

plastic hinge element configuration. Hence, specimens of type B were designed and tested. 

Pertinent results are discussed in the following sections. 
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6.5.4 Specimens Type B - Results 

 

The first five tests of specimens type B are uniaxial tensile tests performed in a tension test 

machine. These tests are used to: (1) confirm material properties from the coupon tests 

discussed in Section 6.3.6 (see Tables 6.2 and 6.3 for comparisons), and (2) assure that the 

radius cut is not causing early fracture. 

 

Table 6.5 summarizes the principal experimental results of type B specimens, including the 

yield load, Py, and associated tip displacement, δy, and plastic hinge moment, My, the load at 

which the plate buckles, Pb, and associated rotation over 1.5" length, θb
1.5”, and plastic 

hinge moment, Mb. The ultimate rotation capacity over 1.5" length at which flange plate 

fracture occurs, as well as the total elastic stiffness of the specimens and the rotational 

stiffness of the plastic hinge element over 1.5" are also reported in the table. The stiffness 

values are needed for fine–tuning the size of the elastic beams of the test frame to match the 

target scaled frame stiffness. 

 

6.5.4.1 Monotonic and Hysteresis Diagrams 

 

A summary of monotonic and hysteresis diagrams of five tests are presented herein, 

characterizing the overall behavior of selected specimens and the behavior of the plastic 

hinge element. Figure 6.22 summarizes results from monotonic compression and tension 

tests of specimens with a single plate with L/t= 6 and width w = 0.92 inches. The instant 

drops in strength at various locations of the monotonic diagrams of Figure 6.22 are 

attributed to the fact that at these points each test was paused for visual inspection. 

Appendix C includes a summary report of results for selected tests with single and double 

flange plate arrangement. 

 

Comparing the compression and tension tests (see Figure 6.22) it is concluded that the 

compression specimen DB36 yields first, and then buckles at around 0.60kips (tip load) as 
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seen from Figure 6.22(d). For the definition of the yield moment based on the experimental 

data the lower bound of the plateau region of the monotonic tension curve is used (See 

Figure 6.22b).  

 

The elastic stiffness of specimens with single plate arrangement in tension and compression 

is different (3.0 versus 2.74 kips/in) due to different axial deformation around the pin region 

in the two loading directions. 

 

Typically, during a compression test and after loading the specimen to about 4" tip 

displacement (25% IDR) the specimen was unloaded and pushed all the way in the opposite 

direction (tension) till the flange plate fractured. As observed in Figure 6.22(a), during 

unloading the behavior of the specimen is pinched. The pinching is clearly noticeable in the 

execution of cyclic tests (see Figures 6.23 and 6.24 for specimens with single and double 

plate arrangements, respectively) with a symmetric loading protocol. This pinching effect is 

a weakness in the model simulation of prototype RBS behavior because pinching in actual 

RBS hysteretic diagrams is barely noticeable. Most of the pinching effect in the hysteretic 

response of the model connection is attributable to the absence of web bending resistance in 

the model plastic hinge element. In these elements flange plate buckling is not restrained by 

a web, and during subsequent load reversal the flange will straighten out at a much reduced 

axial stiffness before picking up full tensile resistance, which causes pinching behavior 

more characteristic for axially loaded steel members. 

 

Figure 6.23 illustrates two cyclic tests of single plate specimens.  The only difference 

between the two specimens is the width w of the flange plate (0.92" versus 0.58"). Apart 

from the noticeable difference in strength, the two specimens have very similar rates of 

strength deterioration. 
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Figure 6.24 shows the hysteretic behavior a specimen with two plates that have a width of 

0.92" and an L/t = 6. The boundary conditions of the two flange plates are the same as for 

specimens DB35 and DB36.  

 

Figure 6.25 shows the moment at the centerline of the plastic hinge element versus chord 

rotation of specimen “DB: 33,34-L/t=6,8,8,2-Cyclic” with respect to the pin. The ultimate 

rotation capacity of the connection is about 0.08 rad. Ricles et al. (2004) and Uang et al. 

(2000a) reported similar rotation capacities for beams with RBS before ductile tearing was 

observed within the RBS region. Figure 6.26 summarizes observations at important points 

during the cyclic loading history applied to the specimen with two flange plates from local 

buckling till fracture of both flange plates. Pinched behavior of the hysteresis loops again is 

evident for this test, which is performed with the symmetric step-wise increasing loading 

history prescribed by the loading protocol shown in Figure 6.6.  As will be shown in 

Section 6.7, the pinching effect diminishes if a loading history deduced from the shaking 

table test results described in Chapter 7 is employed, in which the test frame is subjected to 

a series of ground motion of increasing intensity that cause drifting of the response to one 

side rather than the symmetric drift history applied to the specimens summarized in this 

section. 

 

6.5.4.2 Strain Gage Results 

 

Based on the experimental results obtained from strain gage readings of specimens Type B, 

strain values are reliable up to 15000μ in/in. Figure 6.27 shows the tip force versus strain 

(ε) at the outer and inner location of a flange plate for (1) a monotonic compression test (see 

Figure 6.27(a)), (2) a monotonic tension test (see Figure 6.27(b)) and (3) a cyclic test (see 

Figure 6.27(c)). All specimens have the same characteristics in terms of flange plate 

dimensions and boundary conditions. The yield strain εy (1552 με) of the specimen is 

superimposed in all the figures as a reference value for tension and compression side. As 

observed from the experimental results, the outer surface of the flange plate always yielded 
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first because of local plate bending. But the average strain is close to the one obtained from 

the tension test. 

 

In Appendix C a summary of calibrations for average strain versus flange plate force for all 

the critical plastic hinge elements is provided. The equivalent modulus defined as the ratio 

of the flange plate force over the average strain is used in Chapter 7 to validate story forces 

measured from horizontal links and to deduce plastic hinge moments and column shear 

forces at various locations of the test frame. These force calculations could be done only for 

elastic behavior because the strain measurements after yielding of the flange plates became 

too much history dependent. 

 

 

6.6 Test Evaluation – Specimens Type B 

 

In the following test evaluation of type B specimens mathematical modeling of component 

deterioration is discussed based on the results presented in Section 6.5. Evaluation of test 

results for specimens of type A is not included because only type B plastic hinge elements 

are employed in the Buffalo test frames for the reasons stated in Section 6.5. 

 

Based on the experimental results obtained from the specimens all the components of total 

deflection of the specimens are analyzed using engineering mechanics and employing 

relatively simple analytical models that are used in Chapters 7 and 8 for collapse prediction 

of different structural systems, including the test frame that was tested at the NEES facility 

in Buffalo. Using these models and the modified Ibarra-Krawinkler deterioration model 

discussed in Chapter 2, the deterioration parameters of important components are calibrated 

using selected experimental data. These deterioration parameters are used for pre–test 

collapse prediction of the model test frame. 
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Finite element modeling and analysis of the plastic hinge elements using ABAQUS 6.5 

(ABAQUS, 2005) is also presented. For finite element simulations of cyclic tests the 

hardening model used in the analysis includes combined isotropic and kinematic strain 

hardening. The engineering stress (σe) - strain (εe) curve (after stress relief) shown in Figure 

6.14 is adjusted to establish the true stress (σtrue) – true plastic strain ( pl
trueε ) relationship, 

where 

 

( )1true e eσ σ ε= ⋅ +  (6.4) 

 

and 

 

( )ln 1pl e
true e E

σε ε= + −  (6.5) 

 

In order to calculate the potential for ductile fracture for selected specimens based on FEM 

simulation in ABAQUS the approach described in Kanvinde and Deierlein (2007, 2008) is 

used. For monotonic loading it is well established that ductile crack initiation results from 

void growth and coalescence, which occurs under the combined effects of plastic strains 

and hydrostatic tension stresses. Crack initiation is calculated to occur when the void ratio 

attains a critical size, i.e.,  
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The calculation is further simplified to express a crack initiation criterion through a Void 

Growth Index ( monotonicVGI ), which is compared to its critical value ( critical
monotonicVGI ) expressed 

as follows: 
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Equation (6.7) forms the Void Growth Model (VGM) in which critical
monotonicVGI  is treated as a 

material property that is relatively intensive to variations in stress and strain states. 

 

To capture the void growth /shrinkage during cyclic loading at a continuum point, the 

preceding cycles are subdivided into tensile and compressive, and the VGIcyclic during cyclic 

loading can be expressed by the following equation, 
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Similar to monotonic ductile fracture, ultra low cyclic fatigue (ULCF) fracture is calculated 

to occur when cyclicVGI  exceeds a critical value, i.e., cyclicVGI > critical
monotonicVGI . For all the FEM 

simulations of the plastic hinge regions we used standard hex three -dimensional stress 

elements with reduced integration. Material and geometric nonlinearities are considered. 

Only the flange plate(s) of the plastic hinge element of the specimen is modeled assuming 

that we have a rigid body motion with respect to the center of the pin of the plastic hinge 

element. 

 

6.6.1 Components of Deflection 

 

For the specimen of Figure 6.2(b) the components of deflection are coming from: (1) the 

panel zone; (2) the aluminum joint; (3) the plastic hinge region; and (4) the aluminum 

beam. The bolts used to tie back the subassemblage on the test frame do not contribute to 

the tip deflection since they are pre-tensioned to 12kips. Figure 6.28 illustrates the 
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contribution to total elastic deflection of each component of the subassemblage with two 

flange plates discussed in the previous section. As seen in this figure, the panel zone 

contribution is less than 2% of the total tip deflection. The aluminum joint (Clevis part) and 

the aluminum beam contribute about 40% each to the elastic tip deflection of the specimen. 

 

In order to develop a simplified mathematical model, a study of the elastic curvature 

variation along the length of the beam is performed. Using the detailed FEM model shown 

in Figure 6.29 the equivalent stiffness (EI)equiv. of the region of the plastic hinge element 

outside the 1.5" length is calculated by assuming that all the other parts of the specimen are 

“infinitely” stiff. Based on the FEM model the (EI)equiv. for these regions is equal to 

13200kips in2. Using the experimental data from tests “DB33,34: 6,8,8,2–Cyclic” and 

“DB14,15: 5,5,10-2-Cyclic” and after “back” calculating the (EI)equiv. based on the principle 

of virtual work (PVW) the (EI)equiv. = 12925 kips in2 is obtained. The good match for 

(EI)equiv. between the experiment and the analytical model indicates that: (1) the detailed 

FEM model is capable to calculate the contributions to elastic deflection; and (2) the 

variations in (EI)equiv. along the beam is not significant. The latter can be confirmed also 

from Figure 6.30, which shows the variation of curvature along the length of the specimen. 

 

Figure 6.31 shows the tip load – tip displacement diagram of specimen “DB: 14,15- 6,8,8,2-

Cyclic” obtained from two different sources. The solid line shows the experimental data 

and the dashed line shows the same diagram as determined from elastic contribution of all 

the components of the subassemblage based on simple curvature calculations plus the 

contribution to deflection of the plastic hinge region over 1.5" length measured with the clip 

gages (CG). Both curves are practically identical, indicating that the total deflection of the 

subassemblage can be accurately predicted by using the rotation history as deduced from 

the clip gages over 1.5" length plus the contributions to deflection of the elastic parts with 

simple curvature calculations. Similar results are observed for all the tests conducted. 
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In order to calculate the stiffness of the interior and exterior subassemblages of the 

prototype EW frame we model beams, columns and panel zone contribution in ABAQUS 

with shell elements. Figure 6.32 illustrates the Von Mises stresses of the 1st story exterior 

subassemblage for a unit tip load. Based on the analytically predicted values of stiffness the 

scaled target stiffness Kel,target,FEM is determined and is summarized in Table 6.6. The values 

match with the predicted values of stiffness based on simple curvature calculations of the 

same subassemblage. It should be noted that beam and column shear deformations are 

ignored in all calculations. 

 

In order to predict model stiffness a simplified mathematical model is developed that is 

shown in Figure 6.33. This model consists of concentrated plasticity rotational springs and 

6 elastic elements that have the properties of the aluminum regions 1 and 2 (see Figure 6.8). 

The rotational stiffness of the spring is equal to KR
,1.5” of the plastic hinge element. The 

elastic aluminum elements have the same properties as the specimen tested in the laboratory 

in terms of strength and stiffness. Table 6.6 summarizes the predicted values of the stiffness 

(Kel,p) of the beam column subassemblies of the test frame based on the simplified 

mathematical model and based on final geometry of the test frame. In the same table the 

predicted values are compared with the target scaled stiffness based on the FEM analysis of 

the exterior prototype subbassembages (see Figure 6.32). As seen from the same table the 

predicted versus experimental values are fairly close. 

 

If it is assumed that the subassemblage of Figure 6.33 has infinitely rigid columns then the 

simplified mathematical model of this figure represents the subassemblage that is tested in 

the laboratory. After determining the elastic stiffness Kel,p of the same mathematical model 

it is found that Kel,p is almost the same as the one obtained from the experimental data, 

Kel,exp, as shown in Table 6.7 for selected specimens.  
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6.6.2 Ductile Fracture 

 

To predict analytically ULCF fracture in the connection type the approach presented in 

Section 6.6 and discussed in detail in Kanvinde and Deierlein (2008) is used. An FEM 

model is built in ABAQUS that simulates the inelastic behavior of the plastic hinge region 

of the specimens with single and double plate arrangement. The model includes only the 

flange plate(s) and a rigid body that rotates with respect to the pin. Figures 6.34(a) and 

6.34(d) illustrate the Von Misses stresses of the plate for a monotonic and a cyclic test 

(Specimens “DB: 36-6,8,8,1-T” and “DB: 37-6,8,8,1-Cyclic”). Necking and local buckle 

are accurately represented in the FEM analytical model. 

 

Figures 6.34(b) and (e) show the Mc – θ1.5” diagrams for the same monotonic and cyclic 

tests. The two specimens have the same boundary conditions. In the same figure the Mc – 

θ1.5” diagrams have been superimposed as predicted by ABAQUS simulation. It is judged 

that the FEM simulation is able to predict the monotonic and cyclic behavior of the plastic 

hinge region with satisfactory accuracy. Figure 6.34(c) and (f) show monotonicVGI  and 

cyclicVGI , normalized with respect to critical
monotonicVGI  and critical

cyclicVGI , respectively, versus θ1.5” 

and the number of cycles at selected points of the loading history for the two previous 

specimens. critical
monotonicVGI  and critical

cyclicVGI  are calculated based on a uniaxial monotonic tension 

and a cyclic test of a single plate specimen. As observed from the same figure, crack 

initiation in the flange plates starts when the predicted VGI  becomes larger than the 

equivalent criticalVGI for monotonic and cyclic loading, respectively.  It seems that the 

Cyclic Void Growth Model (CVGM) proposed by Kanvinde and Deierlein (2007, 2008) 

works well. A more systematic approach needs to be established in the future in which one 

characterize critical
monotonicVGI  and critical

cyclicVGI based on the approach developed by Myers et al. 

(2008). 

 



 

________________________________________________________________________________________ 
Chapter 6   Component Tests 

 202

6.6.3 Ultimate Rotation Capacity 

 

After evaluating the test results from subassemblage experimentation it is concluded that 

for the selected cyclic loading history the ultimate rotation θu at which ductile fracture 

occurs in flange plate is in the order of 7% regardless of the width w of the flange plate. 

This can be seen from Table 6.5, which summarizes the values of ultimate rotation capacity 

θu,1.5” for selected single and double flange plate cyclic tests. Ricles et al. (2004) and 

Engelhardt et al. (2000) reported similar values of θu after testing beams with RBS. Since 

ductile tearing is important for evaluating the performance of the model connection and the 

performance of full scale connections, θu is incorporated into the modified Ibarra–

Krawinkler deterioration model as discussed in Section 2.3. The model fully deteriorates 

(strength drops to zero) when θu is exceeded. 

 

6.6.4 Calibration of Component Deterioration Parameters for Pre–Test Collapse 

Prediction 

 

The Mc – θ1.5” diagram for the cyclic test discussed in Section 6.5 is presented in Figure 

6.35. The backbone curve of the modified Ibarra-Krawinkler model is calibrated using the 

monotonic backbone curve of the same subassemblage, which is superimposed on the 

cyclic response curve. The bilinear hysteretic response of the modified Ibarra-Krawinkler 

model is used to calibrate the cyclic deterioration parameters for each component, without 

considering the pinching effect that is evident in all symmetric cyclic loading tests. Figure 

6.36 illustrates the calibrated  Mc – θ1.5” diagram for selected tests at the column base and 

first floor beam used for pre – shaking table test collapse prediction. Zero residual strength 

is assumed since there was no justification from monotonic and cyclic tests of a residual 

strength value. As seen later on in Section 6.7 the plastic hinge regions of the test frame did 

not reach a residual strength path during the shaking table collapse tests. Table 6.8 

summarizes the calibrated deterioration parameters of the modified Ibarra–Krawinkler 

model used for the plastic hinge elements of the model structure for the pre-test prediction 
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of the shaking table collapse test series discussed in Chapter 7. The effect of the difference 

between scale model and prototype component deterioration parameters (see Table 6.1) on 

prototype collapse prediction is discussed in Section 8.3. 

 

 

6.7 Post Buffalo Component Tests 

 

Several component tests are performed after the execution of the shaking table tests at the 

Buffalo shaking table facility. The objectives of these tests are to (1) obtain realistic 

moment – rotation response histories for selected plastic hinge regions up to collapse, and 

(2) utilize these response histories to check the modeling parameters for collapse prediction 

as obtained from the pre-shaking table cyclic component tests discussed earlier in this 

chapter. 

 

In the Buffalo shaking table tests only the rotation histories of all the plastic hinge elements 

of both test frames are recorded, but the associated moments are unknown or have to be 

deduced from strain measurements or analytical models. In the elastic response regime the 

strain – moment calibrations provide good data on moments (see Section 7.5.1.2), but in the 

inelastic regime the strain - moment calibrations become strongly history dependent.  

 

After the completion of the shaking table tests a series of component tests are performed for 

selected critical plastic hinge locations, in which the recorded rotation histories are used to 

derive the tip displacement histories of component tests. The component specimen type 

described in Section 6.3.4 and nominally identical plastic hinge elements with the ones in 

the shaking table test frames are employed. The following three important plastic hinge 

locations of each test frame are tested: (1) the exterior first story column at the base of the 

test frame; (2) the exterior first floor beam; and (3) the third story column at the top. 
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The shaking table test rotation history over 1.5" length, as deduced from clip gage recording 

of a plastic hinge element, is created by connecting together the rotation histories from each 

testing phase of the Buffalo shaking table tests. Figure 6.37 shows the rotation history of 

the plastic hinge element of the first floor beam at the interior joint of test Frame #1 

(location B1F1R), from elastic behavior up to collapse. In order to “translate” the input 

rotation history into a tip displacement history for the actuator, the elastic contributions of 

all the parts of the components that remain elastic need to be predicted (see parts 1-1 and 3-

4 of Figure 6.38). Hence an estimate of the force (moment) at the plastic hinge element of 

interest is needed. For this reason a mathematical model that simulates hysteretic behavior 

based on the modified Ibarra-Krawinkler model is developed. Using the predicted stiffness 

and deterioration parameters from the pre–shaking table component tests summarized in 

Table 6.8 and the rotation as an input loading history, the moment needed to estimate 

elastic contributions is back-calculated analytically. Finally the input rotation history of the 

selected plastic hinge element is “translated” into a tip displacement history for the 

component test.  

 

Figure 6.39 shows the experimentally obtained moment rotation diagram for the column 

base and first floor beam of test frame #1 together with the pre - test and post – test 

prediction using the modified Ibarra Krawinkler model. Figures 3.39(a) and 3.39(c) indicate 

that the pre–test predictions of the hysteretic response are close to the experimental data for 

both plastic hinge elements. Based on Figures 3.39(b) and 3.39(d) the only significant 

difference between the calibrated deterioration parameters of the same plastic hinge 

elements from post-test predictions is the post-capping rotation capacity, which in general 

is larger than the assumed pre-test values since during component experimentation (1) 

specimens used did not have final geometries (the dimensions were close to final) and (2) 

the monotonic curve for similar plastic hinge elements as the ones of the test frame (see 

Figure 6.35), was obtained after combining results based on single flange plate component 

tests subjected to tension and compression excluding location F2B1R; thus for this location 



 

________________________________________________________________________________________ 
Chapter 6   Component Tests 

 205

the calibrated θpc value (1.30 from Table 6.8) from pre-test component tests is similar to 

the calibrated θpc from post – test component tests (1.60 from Table 6.9). 

 

Figure 3.39(e) shows the comparison between the clip gage histories recorded during the 

shaking table test at Buffalo and the histories recorded during the Stanford test for the same 

locations. The two rotation histories are almost identical indicating that the moment - 

rotation diagrams for the selected locations are reliable.  

 

The pinching effect, which is observed in the component test prior to the Buffalo tests using 

symmetric cyclic loading histories, diminishes if we employ the loading histories from the 

Buffalo tests in which the test frame and plastic hinge elements are “drifting” in one 

direction. After significant plastic deformation the pinching effect would appear if the same 

specimen were pushed to the opposite direction. The latter can be seen from Figure 6.40(a), 

which shows the moment - rotation history at the top of the third story column. After the 

completion of the Buffalo loading history (point A in Figure 3.40(a)) the specimen is 

pushed in the opposite direction. As seen from the figure the pinching effect becomes 

evident because during the load reversal the top flange plate straightens out at a much 

reduced axial stiffness before picking up full tensile resistance. Figure 6.40(b) shows the 

calibrated moment - rotation diagram superimposed on the experimental data.  

 

Table 6.9 summarizes the plastic hinge modeling parameters used for post–test collapse 

predictions of the tests conducted at the State University of New York at Buffalo and 

presented in Chapter 7. After comparing deterioration model parameters in Tables 6.9 and 

6.10 it can be seen that the major difference between calibrated values for components 

tested prior to the shaking table test series and the post – test experimentation is the 

calibrated θpc values for the reasons stated earlier. 
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6.8 Summary and Observations 

 

This chapter describes the testing program that was conducted in the laboratory of the John 

A. Blume Earthquake Engineering Center in order to investigate the hysteretic behavior of 

the components of the test frame used for shaking table tests. Two specimen types are 

investigated. Twelve specimens of type A and thirty eight specimens of type B are tested 

either monotonically or cyclically.  

 

Specimens of type A fracture relatively early (at about 4% rotation) because of high 

curvatures induced by the additional moment due to eccentricity of the flange plates. The 

flange plate eccentricity also causes asymmetric hysteretic behavior. Another problem, 

using this type of specimens, is the undesirable slip between the aluminum beam and the 

solid aluminum block at the beam end. 

 

Specimens of type B fracture at about the same plastic rotation as a W beam with RBS (at 

about 8% rotation). The fracture point is consistent for all the test specimens that were 

tested cyclically. For the symmetric cyclic loading history applied to the specimens the 

hysteretic behavior exhibits pinching characteristics. The pinching effect appears due to 

absence of the web in the model plastic hinge regions. 

 

The stiffness of the specimens and of the model test frame is accurately predicted by means 

of relatively simple analytical models with concentrated plasticity springs that incorporate 

deterioration characteristics at the component ends.  

 

The rates of cyclic deterioration are similar for all the specimens tested regardless of the 

width w of the flange plates. Based on experimental data extracted from the steel database 

described in Chapter 3 for similar connections used in the prototype 4- story structure the 

rate of cyclic deterioration for model and prototype connections is similar However, the 

plastic rotation capacity and post capping rotation capacity are very different from the 
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target values of the prototype components. The effects of the differences in θp and θpc 

between the model and prototype components on the collapse capacity of the prototype 

frame are discussed in Chapter 8. 

 

Three important plastic hinge regions of test Frame #1 are tested after conducting the 

shaking table collapse series presented in Chapter 7. The post-test evaluation is conducted 

in order to deduce the moment - rotation diagrams at the selected locations and improve on 

the calibration of modeling parameters for post-shaking table response predictions. Based 

on post- test component experimentation of selected plastic hinge regions, the pre-test 

calibrations of hysteretic response modeling parameters are comparable with the 

experimental data excluding the θpc values that differ due to the way that the monotonic 

moment rotation relationship was deduced. 

 

The pinching effect that appears in the hysteretic response of plastic hinge elements in pre-

shaking table component experimentation using symmetric loading histories diminishes. In 

the shaking table collapse test series both frames drift in one direction. Since no major 

reversal occurs in the loading histories of the plastic hinge elements, there was no 

significant pinching behavior in any of the plastic hinge elements of both test frames. 
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Table 6.1.  Target modeling parameters of components of the 4–story EW frame of the 

prototype structure 

Section Type (Mc/My) κ θp Λ = Et/My θpc 

W24x76 Column 1.05 0.40 0.025 1.50 0.35 
W24x131 Column 1.05 0.40 0.025 1.50 0.30 
W21x93 Beam 1.05 0.40 0.025 1.90 0.19 
W27x102 Beam 1.05 0.40 0.020 1.50 0.16 

 

Table 6.2.  Material properties of steel material based on tensile coupon tests 

Material 
Stress 

Relief 

Width 

(in) 

Thickness 

(in) 

Area 

(in2) 

Fy 

(ksi) 

Fu 

(ksi) 

A572Gr.50 Yes 0.505 0.243 0.12 47 65 
A572Gr.50 No 0.505 0.241 0.12 47 66 

 

Table 6.3. Summary table of test results of type A specimens 
Type A δ y θ u,1.5" K e K R

,1.5"

Specimen  (in) (rad) (kips/in)  (kips-
in/rad)

DB1-L/t=4-1-T1 0.56 0.39 10.9 na na na 0.068 1.42 7526

DB2-L/t=4-1-C2 0.53 0.57 10.3 0.55 0.015 10.7 na 0.95 5035

DB5-L/t=4-2-Cyclic3 1.1 0.32 21.3 1.24 0.0175 24.0
0.03 (during 
2nd Cycle)

3.47 15910

P y 

(kips)
P b 

(kips)
θ b,1.5"  (rad) M b (kips-

in)
M y 

(kips-in)

 
1 DB1=L/t=4-1-T: specimen #1 with L/t=4; single flange plate (1); plate in tension (T) 
2 DB2=L/t=4-1-C: specimen #2 with L/t=4; single flange plate (1); plate in compression (C) 
3 DB3=L/t=4-2-Cyclic: specimen #3 with L/t=4; two flange plates (2); cyclic test (Cyclic) 

 

Table 6.4. Summary table of material properties obtained from tension tests of specimens of 

type B 

Material 
Stress 

Relief 
L/t 

Fy 

(ksi)

Fu 

(ksi)
εf 

A572Gr.50 Yes 3 46 67 0.34 
A572Gr.50 Yes 4 45 65 0.37 
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Table 6.5. Summary table of test results of specimens type B 

Type B δ y θ u,1.5" K e
* K R

,1.5"

Specimens  (in) (rad) (kips/in)  (kips-
in/rad)

DB: 33,34-L/t=6,8,8,2-
Cyclic1 1.18 0.25 20.1 1.28 0.03 21.8 0.08 (during 

1st cycle) 4.92 16997

DB: 35-L/t=6,8,8,1-C2 0.64 0.23 10.9 0.78 0.04 13.3 na 2.74 5694

DB: 36-L/t=6,8,8,1-T3 0.61 0.2 10.4 na na na 0.33 3 6029
0.24/ 2.5/ 5700/
0.19 3.11 6039

DB: 38-L/t=6,8,8,1-C 0.42 0.19 7.1 0.45 0.03 7.7 na 2.23 4286
DB: 39-L/t=6,8,8,1-T 0.39 0.15 6.6 na na na 0.31 2.52 4341

0.15/ 2.61/ 6710/
0.17 2.26 4363

DB: 41-L/t=6,8,8,1-C 0.85 0.24 14.5 1.11 0.04 18.9 na 3.57 10554
0.22/ 3.80/ 11493/

0.24 3.57 10554

0.08 (during 
1st cycle)10.03DB: 40-L/t=6,8,8,1-

Cyclic 0.39 0.41 0.02 (during 
1st Cycle)

0.08 (during 
1st cycle)

DB: 37-L/t=6,8,8,1-
Cyclic4 0.61 0.61 0.02 (during 

1st Cycle)

DB: 42-L/t=6,8,8,1-
Cyclic 0.85 0.91 0.02 (during 

1st Cycle)10.03 0.08 (during 
1st cycle)

P y 

(kips)
M y 

(kips-in)
P b 

(kips)
θ b,1.5"  (rad) M b (kips-

in)

10.9

10.9

10.9

10.03

 
1 DB: 33, 34-L/t=6,8,8,2-Cyclic: specimen with flange plate #33, 34; with L/t=6; top spacer L/t=8; bottom spacer L/t=8; 

double flange plate (2); cyclic test (Cyclic) 
2 DB: 35-L/t=6,8,8,1-C: specimen with flange plate #35; with L/t=6; top spacer L/t=8; bottom spacer L/t=8; single flange 

plate (1); flange plate in compression (C) 
3 DB: 36-L/t=6,8,8,1-T: specimen with flange plate #36; with L/t=6; top spacer L/t=8; bottom spacer L/t=8; single flange 

plate (1); flange plate in tension (T) 
4 DB: 37-L/t=6,8,8,1-Cyclic: specimen with flange plate #37; with L/t=6; top spacer L/t=8; bottom spacer L/t=8; single 

flange plate (1); cyclic test (Cyclic) 
* the two values of elastic stiffness for single flange plate specimens are the different stiffnesses in tension and 

compression because of the different elastic contribution to total deflection of the pin in the two loading directions. 

 

Table 6.6.  Predicted stiffness for exterior test frame subassemblages 

Subassemblage  

at Floor 

δb 

(in) 

δcol 

(in) 

δPZ 

(in) 

Kel,p 

(kips/in) 

Kel,target FEM 

(kips/in) 

3 0.247 0.017 0.008 3.68 3.50 
2 0.143 0.017 0.008 5.95 6.04 
1 0.137 0.025 0.008 5.87 5.91 
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Table 6.7. Experimental and analytical predictions of elastic stiffness for selected cantilever 

subassemblages 

δ 1 δ 2 δ 3 K el,p K el,exp

(in) (in) (in) (kips/in) (kips/in)
DB:14,15-L/t=5,12,8,2-C 0.093 0.026 0.092 4.75 4.67

DB:25,26-L/t=7,12,12,2-M 0.093 0.032 0.092 4.61 4.54
DB:34,35-L/t=6,8,8,2-C 0.093 0.019 0.092 4.91 4.8

Specimen

 
 

Table 6.8.  Modeling parameters for pre – Buffalo collapse prediction 

Location Κe Fc/Fy θp θpc Λ κ 

C1S1B1 25883 1.09 0.050 1.3 1.35 0 
C1S1T2 20631 1.10 0.050 1.3 1.35 0 
F2B1R3 13000 1.10 0.050 1.3 1.35 0 
C1S3T4 11200 1.10 0.050 1.3 1.35 0 

 

Table 6.9.  Modeling parameters for post – Buffalo collapse prediction  

Location Κe Fc/Fy θp θpc Λ κ 

C1S1B1 25700 1.10 0.050 2.0 1.30 0 
C1S1T2 20631 1.10 0.050 2.0 1.30 0 
F2B1R3 13000 1.10 0.050 1.6 1.80 0 
C1S3T4 11200 1.08 0.055 2.4 1.00 0 

1 C1S1B: Column 1 in Story 1 at Base  
2 C1S1T: Column 1 in Story 1 top location 
3 F2B1R: Floor 2 Beam 1 right location 
4 C1S3T: Column 1 in Story 3 at top 
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 (a) W27x94 (b) W21x62 

 
 (c) W30x99 RBS (d) W30x99 RBS and additional lateral support 

Figure 6.1.  Hysteretic behavior of basic structural components similar to ones used in the 

EW moment resisting frame of prototype structure (a) W27x94 beam (data from Partridge, 

1997), (b) W21x62 beam (data from Tremblay et al. 1997) (c) W30x99 beam with RBS 

(data from Uang and Fan, 1999) and (d) W30x99 beam with RBS and additional lateral 

support near the RBS location (data from Uang and Fan, 1999) 
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 (a) 
 

 
(b) 

 
Figure 6.2.  Exterior subassembly of test frame 
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Figure 6.3.  Test setup drawing 
 

 
 

Figure 6.4. Component test setup at Stanford 
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Figure 6.5.  Cantilever subassemblage after installation (Specimen type A) 
 

 
 

Figure 6.6.  Component end of cantilever subassemblage (plastic hinge region of specimen 

type A) 
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Figure 6.7.  Typical flange plate with L/t  = 8.0 (specimen type A) 
 

 
 

Figure 6.8.  Main parts of component end of specimen type B (plastic hinge region) 
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(a) dimensions of plastic hinge element (specimen type B) 

 

 
(b) control parameters of flange plates (specimen type B) 

 
Figure 6.9.  Plastic hinge element of specimen type B; (a) dimensions (b) control 

parameters of flange plates attached to the plastic hinge element 
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Figure 6.10.  Relationship between bolt pretension force and applied torque 
 

 
 

Figure 6.11.  Strain gage and clip gage instrumentation 
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Figure 6.12.  Experimental setup for component tests 
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 (a) general setup for material tests (b) necking during tensile test 
 

Figure 6.13.  Material tests (a) general setup, (b) necking 
 

 
 

Figure 6.14.  Engineering stress strain curve for A572 grade 50 steel plate used to machine 
flange plates 
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Figure 6.15.  Force equilibrium of free body during inelastic action of  the component 
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Figure 6.16.  SAC loading protocol (Krawinkler et al. 2000), deformation parameter is 
interstory drift angle 
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(a) specimen with single plate arrangement 
 

 
 

(b) specimen with double plate arrangement 
 

Figure 6.17.  Deflection and rotation definitions for test specimens (specimen type B) 
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 (c) M – θChord (tension) (f) M – θChord (Compr.) 

Figure 6.18.  Monotonic tests of single plate specimens with L/t = 4 (Type A) 
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Figure 6.19.  Tip load - tip displacement for specimen with two plates (specimen type A) 
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Figure 6.20.  M – θ1.5" rotation diagram for specimen with two plates (specimen type A) 
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 (a) Initiation of deterioration (point 1) (b) crack propagation 
  along the top steel plate (point 2) 
 

        
 

 (c) Fracture of top plate(point 3)  (d) fracture of bottom plate (point 4) 
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#4 Fracture of bottom plate 

 

Figure 6.21.  Summary of observations from cyclic static test for specimen DB4-L/t=4.0-2 

(specimen type A) 



 

________________________________________________________________________________________ 
Chapter 6   Component Tests 

 225

-4 -2 0 2 4
-1

-0.5

0

0.5

1
Test Specimen: DB:35-L/t=6,8,8,1-C

δtip
 (in)

Ti
p 

Lo
ad

 P
 (k

ip
s)

 

 

  
0 2 4 6

0

0.2

0.4

0.6

0.8

1
Test Specimen: DB:36-L/t=6,8,8,1-T

δtip
 (in)

Ti
p 

Fo
rc

e 
P 

(k
ip

s)
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 (c) M – θChord (Compr.) (f) M – θChord (Tension) 

Figure 6.22.  Monotonic (compression and tension) tests of single plate specimens with 

L/t=6,8,8 (Type B specimens) 
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 (a) Tip load – tip displacement 
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 (c) M – θChord relationship 

Figure 6.23.  Cyclic tests of single plate specimens with L/t=6,8,8 (Type B specimens) 
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Figure 6.24. Tip load – tip displacement diagram of specimen “DB: 33,34-L/t=6,8,8,2–

Cyclic” (Type B specimens) 
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Figure 6.25.  Mc – θChord  diagram of specimen “DB: 33,34-L/t=6,8,8,2-Cyclic” (Type B 

specimens) 
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(a) Local buckling of top plate (point 1) (b) Crack initiation of top plate (point 2) 

 

     
 

 (c) Fracture of bottom plate (point 3)  (d) Fracture of top plate (point 4) 
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Figure 6.26.  Summary of observations during the cyclic static test of specimen DB:33,34-

L/t=6,8,8,2–Cyclic (Type B specimens) 
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 (a) Compression test  
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 (b) tension test  
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 (c) cyclic static test  

Figure 6.27.  Monotonic & cyclic flange plate force vs engineering strain relationships for 

outer & inner plate location of single plate specimens with L/t=6,8,8 (Type B specimens) 



 

________________________________________________________________________________________ 
Chapter 6   Component Tests 

 230

 

0 0.1 0.2 0.3
0

0.5

1

1.5

δtip (in)

Ti
p 

Lo
ad

 F
 (k

ip
s)

Test Specimen: DB:25,26-7,12,12,2-Monotoni

 

 

Panel Zone
Al. Joint
Al. Beam
Clip Gage
Experimental Data

 PZ

 Al.Beam

 Al. Joint
 Clip Gage

 Experimental
Data

 
Figure 6.28.  Components of elastic tip deflection  

 

 
 

Figure 6.29.  Detailed FEM model in ABAQUS 
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Figure 6.30.  Variations of stiffness and curvature along the cantilever beam 
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Figure 6.31.  Comparison between experimental data and data deduced from clip gage 

measurement plus elastic components of deflection of all parts based on curvature 

calculations (Type B) 

 

 
Figure 6.32.  Exterior 1st story prototype subassemblage modeled in ABAQUS 
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Figure 6.33.  Simplified mathematical model used to simulate the behavior of model 

subassemblage  
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 (a) Von Mises stresses (monotonic test) (d) Von Mises stresses (cyclic test) 
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 (c) Monotonic test (f) Cyclic test 

Figure 6.34.  Comparison of FEM analytical predictions with ABAQUS versus 

experimental data of single plate specimens for monotonic and cyclic tests 
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Figure 6.35. Mconotonic and cyclic Mc – θ1.5” diagram for typical plastic hinge location 

(Type B specimen) 
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 (a) Exterior 1st floor beam (b) Exterior 1st story column at the base 

Figure 6.36.  Calibrated Mc – θ1.5” diagrams for typical plastic hinge locations 

 



 

________________________________________________________________________________________ 
Chapter 6   Component Tests 

 236

 
Figure 6.37.  Rotation history over 1.5" length for first floor beam at interior joint based on 

clip gage histories for all 5 testing phases (Frame #1) 

 

 
(b) 

 

Figure 6.38.  Contributions to elastic deflection of specimen subbaseembly for post-shaking 

table test evaluation 
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(e) comparison of rotation histories from Buffalo & Stanford tests; left=column base; right 

= 1st floor beam 

Figure 6.39.  Moment rotation( Mc – θ1.5”) diagrams for plastic hinge locations at column 

base and 1st floor beam obtained from component test using Buffalo rotation history as 

input (Frame # 1) 
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(b) calibrated moment rotation diagram of third story column, top location (Frame # 1) 

 
Figure 6.40.  Moment rotation ( Mc – θ1.5”) diagram for plastic hinge location at top of third 

story column; Stanford component test withBuffalo rotation history followed by large 

displacement reversal 
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CHAPTER 7 

SHAKING TABLE COLLAPSE TEST SERIES 
 
_________________________________________________________________________ 

 
 

7.1 Objective and Scope 

 

The main objectives of the shaking table test series of the model frame discussed in Chapter 

5 and presented in this chapter are: (1) quantification of engineering demand parameters 

from a physical experiment, including story forces and shears, story drifts, plastic rotations, 

and floor accelerations, in the elastic and inelastic range all the way to collapse; (2) 

demonstration that P-Δ induced sidesway collapse can occur under realistic structural and 

ground motion conditions and that P-Δ effect can be quantified up to collapse; (3) 

demonstration that collapse prediction is indeed feasible with reasonable accuracy using 

relatively simple models and (4) quantification of the effects of component deterioration on 

the collapse capacity of a frame structure. 

 

Two scale models of the 4-story prototype moment resisting frame, which was discussed in 

Chapter 5, are tested on the shaking table of the NEES facility at the State University of 

New York at Buffalo. The behavior of both test frames are evaluated from elastic behavior 

up to collapse. In the subsequent discussion the frames are called Frame #1 and Frame #2. 

Due to the large amount of information collected during the shaking table collapse series 

only selected results are included in this chapter. A more comprehensive data is included in 

Appendix E and the complete data set is available through NEESCentral 

(https://central.nees.org). 
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7.2 Assembly of Test Frame and Installation on the Shaking Table 

 

7.2.1 Assembly of Test Frame 

 

Much effort was spent to assemble the test frame and guarantee that it is “perfectly” aligned 

in the plane of loading. The frame was firstly assembled horizontally on a flat 130" x 130" 

steel plate, as shown in Figure 7.1. Prior to the assembly of the test frame all the flange 

plates used at the plastic hinge elements were strain gauged. In order to tighten the bolt of 

the connections of the test frame the process described in Section 6.3.4 was employed, 

keeping the strain recordings for the flange plates at a relatively low level while pre-

tensioning the bolts of each plastic hinge element. 

 

7.2.2 Erection of Mass Simulator and Test Frame 

 

After erecting the two individual bracing systems for out–of –plane support of the test setup 

the mass simulator was placed in the exact horizontal position on the shaking table. The 

ground level collapse impact prevention wood blocks, described in Section 5.3.3, were 

placed first on the shaking table in order to support the first story mass plate. The first story 

mass simulator plate was placed in its final horizontal position, resting on the wood blocks. 

The same process was continued until all mass plates were in exact horizontal position, 

resting on wood blocks as shown in Figure 7.2(a). In the vertical direction the top plate was 

2 ½" lower than its final position because no gaps existed between the steel plates and the 

wood blocks. All gravity links (turn buckles), illustrated in Figure 7.2(b), were attached to 

the upper one of each pair of plates and the bolts connecting each gravity link to the mass 

plate were pretensioned. In order to vertically align the mass simulator plates we took 

advantage of the mass simulator’s own gravity. Four “lifting support plates” were tack-

welded on top of the mass simulator bracing system, and with the help of lifting bolts 

threaded into the top mass plate the plates were raised one by one to the final position, 

connecting the bottom rod end of each gravity link to the lower one of the pair of plates 
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connected by the gravity link. By the time all gravity links were connected, all mass plates 

were hanging from the lifting support plates and the mass simulator self-aligned itself 

vertically by its own gravity. The weight per floor was equally distributed to the gravity 

links of each story by fine-adjustment of the gravity links that acted as turn buckles. The 

lowest links, once connected to bottom clevises, were just touching the base plates 

positioned on the shaking table. 

 

After lowering the test frame in between its bracing system, as shown in Figure 7.3, and 

aligning the test frame in the transverse direction by attaching the horizontal bracing tubes 

(after greasing the sliding areas) the horizontal links were attached between the test frame 

and mass simulator (see Figure 7.4). The four links (one per floor), which served also as 

load cells, were fabricated as turn buckles for final adjustment in the horizontal direction. 

After fine adjustment to achieve zero force readings the bottom clevises of the test frame 

were field-welded to a support plate resting on the shaking table. The test frame was in final 

position and had in–plane resistance. 

 

After field-welding the bottom clevises of the mass simulator gravity links to the base plate 

the four bolts of the mass simulator lifting mechanism were lowered until full weight was 

transferred to the gravity links. By fine-adjusting the horizontal links between test frame 

and mass simulator so that the force in all links was close to zero, minimum P-Δ effect was 

assured before beginning of the test series. Figure 7.5 shows the test frame and mass 

simulator after completion of erection process of the test setup on the shaking table.  

 

This erection sequence made it possible to “swap” test frames with minimum effort, 

requiring only minute lifting of the mass simulator by means of bolts threaded into the top 

mass plate and supported on the “lifting support plates”, lowering the new test frame into 

position, and repeating the process described in the last two paragraphs. It should be 

mentioned that the new set of instrumented flange plates used for Frame # 2 were fabricated 

from a new steel plate with slightly different material properties than those of the steel plate 
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used to fabricate the flange plates of Frame #1. Thus the width w of the reduced section of 

the new set of flange plates was adjusted in order to achieve the same expected bending 

strength at every plastic hinge element as Frame #1 (for flange plate dimensions see Tables 

5.8 and 5.9 in Section 5.3.1).  

 

 

7.3 Instrumentation 

 

A total of 314 channels were used for the instrumentation of Frame #1 and 247 channels 

were used for Frame #2. The number of strain gauged flange plates was smaller for Frame 

#2 than Frame#1 because of confidence in the selected instrumentation gained from the 

tests performed on Frame #1. This section discusses the main instruments used in the 

shaking table experimentation and their primary purpose. An instrumentation plan with 

locations of main instruments can be found in Appendix D. The complete instrumentation 

list for both frames can be downloaded through the NEESCentral repository 

(https://central.nees.org). 

 

7.3.1 Load and Displacement Measurement Devices 

 

The setup devised for the shaking table tests, in which lateral loads and P-Δ effects are 

transferred from the mass simulator to the essentially weightless frame through the 

instrumented horizontal links, provided the ability to measure directly the forces applied to 

the test frame at the individual floor levels (see Figure 7.4). All four links were strain 

gauged and calibrated in a tension machine in order to act as load cells. The links were 

designed to measure story forces in a range of +/- 20kips. Similarly, the gravity links of the 

first story of the mass simulator were instrumented in order to uniformly distribute the 

gravity load of the mass simulator to the individual vertical links. 
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To measure absolute displacements and derive relative displacements at each floor of the 

test frame and mass simulator, eight displacement transducers were used, one each per floor 

on the frame and mass simulator side. Three additional displacement transducers were used 

to measure the shaking table displacement in the direction of motion. The three 

displacement transducers were also used to trace any undesirable torsional motion of the 

shaking table. 

 

7.3.2 Accelerometers 

 

A set of ten accelerometers was used to measure absolute accelerations at floors of the test 

frame and mass simulator. Two accelerometers were installed on the shaking table to 

measure the achieved acceleration of the shaking table (“ground” acceleration). A set of 

two accelerometers was installed at each floor of the test frame and mass simulator. 

Acceleration measurements of the mass plates were used in order to compute the inertia 

story forces transferred to the test frame by multiplying the acceleration measurement at 

each floor with the individual story mass (see Table 5.10 for actual story weights). 

 

7.3.3 Strain and Deformation Measurements in Flange Plates 

 

Section 6.3.5 covered the details of strain and deformation measurements of the specimens 

tested in the laboratory of the John A. Blume Earthquake Engineering Center at Stanford 

University. The same arrangement of strain gages and clip gages was used for the flange 

plates of each plastic hinge element of both test frames. Due to limitations of available 

number of channels of the data acquisition system (DAQ), both sides of the flange plates 

were strain gauged for the interior and one of the exterior columns. In all other plastic hinge 

elements only the outer surface of each flange plate was strain gauged. Strain measurements 

in the flange plates were used to (1) locally trace the yield point of critical plastic hinge 

locations, (2) verify if the measured story forces from the horizontal links are reliable in the 
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elastic range, and (3) investigate how plastification of critical plastic hinge elements 

progresses based on the clip gage and strain gage measurements. 

 

7.3.4 Krypton System 

 

“State of the art” equipment used during the shaking table tests included a Krypton system 

(see Figure 7.6). The Krypton is a new generation of high performance dynamic mobile 

coordinate measurement machines. The system combines high accuracy, a large 

measurement volume and full freedom of space probe manipulation. This solid-state system 

is extremely reliable. The system is essentially a set of cameras (Krypton) that follow the 3-

dimensional movement of a dot (LED) marked on the specimen.  

 

Figure 7.7 shows the first floor interior joint of Frame #1 with all the aforementioned 

instruments installed, including nine LEDs (nine black dots).  Forty LEDs in total were 

used during the shaking table test series. The arrangement of the LEDs was based on the 

analytically predicted collapse mechanism of the test frame for the ground motion sequence 

discussed later on in Section 7.4. The Krypton system was used also to measure rotations 

over a 4" length of selected plastic hinge elements in order to verify rotations as deduced by 

clip gages over 1.5" length. A detailed layout of all the LEDs can be found in the 

instrumentation plan of Appendix D. The sampling frequency of the Krypton DAQ was set 

to be 64Hz versus 128Hz of the Pacific DAQ in order to synchronize the two DAQs. 

 

7.3.5 Cameras 

 

A set of six digital local video cameras was used to monitor the behavior of selected critical 

plastic hinge elements. The monitored plastic hinge elements were selected based on the 

analytically predicted collapse mechanism of the test frame. Two more digital cameras 

were used in order to monitor the global behavior of the test frame and mass simulator. All 

eight digital cameras were synchronized with both DAQs. To monitor the global behavior 
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of the test frame and mass simulator from the north, south and south–west (for orientation 

see Figure 7.8) three high definition (HD) cameras were used. Telepresence equipment was 

also available, offering the opportunity to interested observers to watch remotely the 

erection process and shaking table experimentation. All the digital videos taken during the 

shaking table test series of both frames together with more than 3000 photos associated 

with the tests are available through NEESCentral (https://central.nees.org).  

 

An illustration of the erection process and experimentation of Frames #1 and #2 is 

presented in Figures 7.9 and 7.10, showing the completion of erection of the mass simulator 

(see Figure 7.9(a)), the test setup of Frame #1 after completion of the collapse test (see 

Figure 7.9(b)), the removal of test Frame #1 from the shaking table(see Figure 7.9(c)) and 

assembly of test Frame #2 (see Figure 7.10(a)), test setup of the same frame after 

completion of the collapse test (see Figure 7.10(b)) and an exterior joint of the same frame 

in the final collapse configuration. (see Figure 7.10(c)). 

 

 

7.4 Ground Motions and Testing Programs 

 

7.4.1 Testing Program – Frame #1 

 

In the shaking table test series of Frame #1 the Northridge 1994 Canoga Park station 

ground motion was used in order to evaluate performance of the frame from elastic 

behavior up to collapse. Figure 7.11(a) shows the acceleration time history of the unscaled 

record and Figure 7.11(b) shows a direct comparison between the design acceleration 

spectrum based on recent seismic provisions (IBC-2003) for soil type D and the 

acceleration response spectrum of the unscaled ground motion. In the range of periods of 

primary interest (1.32 sec and longer due to period elongation of the test frame) the Canoga 

Park spectrum matches well with the design spectrum; thus it was decided that the unscaled 

Canoga Park record is a good representation of a Design Level Earthquake (DLE).  
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A “physical” incremental dynamic analysis (IDA) was conducted since Frame #1 was 

subjected to five different levels of intensity of the same record, from elastic range all the 

way to collapse, recognizing that the initial conditions for each new test correspond to the 

deformed configuration of the frame after the previous test. The levels of intensity of the 

record were based on analytical simulations of the model frame prior to the shaking table 

experimentation summarized later on in Section 7.5.1.2.  

 

The following test sequence was executed for Frame #1: 

 

• Free and forced vibration tests for modal analysis (White noise (WN), sine-sweep 

(SS) and pulse type (PT) tests) 

• Elastic ground motion test (Service Level Earthquake, SLE = 40% of unscaled 

record) 

• Inelastic test at “design level earthquake” based on 10/50 hazard (DLE = 100% of 

unscaled record) 

• Inelastic test at “Maximum Considered Earthquake” level based on 2/50 hazard 

(MCE= 150% of unscaled record)  

• Inelastic test at “Collapse Level Earthquake” level (CLE = 190% of unscaled 

record) 

• Inelastic test at “Final Collapse Level Earthquake” level (CLEF = 220% of unscaled 

record) 

 

7.4.2 Testing Program – Frame #2 

 

In the shaking table testing of Frame #2 a different ground motion sequence was used prior 

to collapse of the frame. One objective was to investigate the effect of cumulative damage 

on the collapse capacity of the test frame; thus in between the design level and collapse 

level earthquakes, 150% of the unscaled motion of the Chile 1985 Llolleo record was used, 
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intended to represent an MCE motion. Figures 7.12(a) and 7.12(b) show the acceleration 

time history and acceleration spectrum of the unscaled Llolleo record, respectively. In 

Figure 7.12(b) the design spectrum based on IBC-2003 is superimposed for comparison 

purposes. The shaking table did not succeed in reproducing the input table motion at the 

MCE level (see Section 7.5.2); thus it was decided to switch motions and subject Frame #2 

to 220% of the unscaled Canoga Park record for the collapse level and final collapse level 

tests. Similarly to Frame #1 the levels of intensity of the ground motions were based on 

analytical simulations prior to collapse test of Frame #2. These simulations are summarized 

in Section 7.5.2.2. 

 

The following test sequence was executed for Frame #2: 

 

• Free and forced vibration tests for modal analysis (White noise (WN), sine-sweep 

(SS) and pulse type (PT) tests) 

• Elastic ground motion test (Service Level Earthquake, SLE = 40% of unscaled 

Canoga Park record) 

• Inelastic test at “design level earthquake” based on 10/50 hazard (DLE = 100% of 

Canoga Park unscaled record) 

• Inelastic test at “Maximum Considered Earthquake” level based on 2/50 hazard 

(MCE= 150% of unscaled Llolleo record)  

• Inelastic test at “Collapse Level Earthquake” level (CLE = 220% of unscaled 

Canoga Park record) 

• Inelastic test at “Final Collapse Level Earthquake” level (CLEF = 220% of Canoga 

Park record unscaled record) 

 

The reason why in both shaking table test series (Frames #1 and #2) a “Final Collapse 

Level Earthquake” test had to be performed was that in both cases collapse did not occur 

under the predicted “Collapse Level Earthquake” based on analytical simulations prior to 

the shaking table collapse tests. 
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7.5 Experimental Results 

 

This section summarizes observations and selected results from the series of shaking table 

tests for both test frames. A total of 110 tests were carried out for both test frames. Most of 

the tests were used for identification of modal properties and in order to gain confidence in 

instrumentation based on the elastic response of both frames. All the tests conducted in the 

NEES facility at the U. of Buffalo are available through NEESCentral repository 

(https://central.nees.org). 

 

7.5.1 Test Frame #1 

 

7.5.1.1 Modal properties 

 

A series of white noise (WN) and sine–sweep (SS) tests were conducted for identification 

of modal properties of Frame #1. This frame exhibited considerable friction damping 

attributed primarily to the spherical hinges of the mass simulator gravity links. Because of 

pre-tensioning of the bolts required to hold the links in place the ball joint at the ends of the 

links expanded due to Poisson’s effect. For all the WN and SS tests conducted it was not 

possible to identify more than the first mode of Frame #1 because of friction damping. In 

the tests on Frame #2 the first and second mode of the frame were reliably predicted 

because the amount of friction damping was reduced with the use of machine grease 

installed directly in the ball joint (See Section 7.5.2.1). The results discussed later 

demonstrate that the friction damping present in Frame #1 did not affect significantly the 

response at the DLE, MCE, and collapse levels.  

 

Figure 7.13 shows the transfer function at the roof of Frame #1 after a WN test with 

amplitude at 0.1g. The scaled target first mode period of the test frame was 0.46sec. The 

first mode period obtained from WN and SS tests was 0.40sec.  
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Viscous damping identification was not possible because of the presence of friction 

damping. Based on pulse type tests the response of the frame decayed rapidly due to 

friction damping. From these tests an “equivalent” viscous damping of 15% was obtained 

based on a 0.60g amplitude pulse using the approach described in Bracci et al. (1992). This 

value is meaningless in terms of simulating viscous damping in Frame #1 but indicates how 

significant the effect of friction damping was on the elastic behavior of Frame #1. It was 

decided to use three percent Rayleigh damping at the first and second mode of the frame in 

all the analytical pre–test simulations.  

 

7.5.1.2 Global Behavior 

 

General description and observations 

 

Figure 7.14 shows the roof drift response of Frame #1 during its main response phases at 

various intensities from elastic behavior up to collapse. The main response phases are 

separated with two solid lines. Figure 7.15 show the main story drift response phases. As 

seen from this figure, every story of Frame #1 “drifted” in the same direction as the ground 

motion intensity is increased until collapse occurred. 

 

The response in the SLE test was elastic.  In the DLE test Frame #1 exhibited a maximum 

IDR at the first story of about 0.016 rad. The inelastic action was concentrated at the 

column base, first and second floor beams, and third story columns at the top. Localized 

damage (i.e. local buckling of flange plates) was barely noticeable even though the residual 

first story drift after the end of DLE was about 0.01rad (for illustration see Figure 7.16(a), 

exterior column base after completion of DLE). 

 

In the MCE test Frame #1 was severely damaged reaching a maximum IDR1 of about 0.05 

rad. Damage became evident in most of the plastic hinge elements that were part of the 3-

story collapse mechanism. Figure 7.16(b) shows the exterior column base after completion 
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of MCE, having a residual plastic rotation of about 0.045 rad. The permanent deformation 

at this location is evident from local buckling of one of the flange plates. 

 

Analytical pre-test predictions indicated that Frame #1 would collapse in the CLE test (see 

discussion in Section 7.6.5). The frame experienced a maximum IDR of about 0.13rad but 

did not fully lose its lateral resistance, i.e. it did not collapse. The 3-story mechanism, 

which started forming during DLE and progressed in the MCE test, was clearly noticeable. 

The columns at the top of the third story reached a maximum rotation of about 0.10rad, and 

the column base at the end of CLE had a permanent plastic rotation of about 0.12rad (see 

Figure 7.17(a)).  

 

Frame #1 collapsed after the first reversal of the ground motion in the CLEF test. The fact 

that the frame collapsed very early in the test indicates that the analytical pre–test prediction 

of the CLE motion was fairly close to the collapse intensity. All the flange plates that were 

in tension at the column bases and in first and second floor beams did fracture. An example 

of a fractured flange plate is illustrated in Figure 7.17(b), which shows the exterior column 

base of Frame #1 after the end of CLEF.  

 

Figure 7.18 shows the 3–story collapse mechanism of Frame #1 after completion of CLEF. 

The upper portion of the mechanism was formed by column plastic hinges at the top of the 

third story, even though the weak beam - strong column (WBSC) criterion was fulfilled in 

the design process (see Section 5.2). 

 

As mentioned in Sections 5.3.3 and 5.3.4, a number of safety mechanisms was designed in 

order to protect the shaking table and laboratory equipment when the test frame lost its 

lateral resistance, i.e. collapse occurred. When one of the safety mechanisms “locks”, the 

recorded data after “locking” become meaningless. It is defined as Incipient Collapse Level 

(ICL) the point at which one or more safety mechanisms “catch” either the test frame or the 

mass simulator or both. 
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The first safety mechanism that engaged for Frame #1 was the transverse angle at the third 

floor level of the test frame lateral bracing system. Figure 7.19 illustrates the “catching” 

mechanism after the completion of CLEF. Based on the data evaluation the Incipient 

Collapse Level (ICL), i.e., the level when one of the safety mechanisms “locks”, was 

attained at 7.10 sec after the beginning of the test (2.10 sec after the beginning of the 

motion at CLEF). From this instance on the recorded data become meaningless. 

 

Acceleration measurements 

 

A comparison between peak accelerations from accelerometers attached to the beams of the 

test frame and peak average accelerations (average of two values) from accelerometers 

attached to the plates of the mass simulator is shown in Figure 7.20. As seen from this 

figure the peak accelerations of the test frame are consistently lower than the peak 

accelerations of the mass simulator. A possible reason is a high frequency component 

recorded with the accelerometers of the mass simulator. Based on a comparison of 

measurements recorded by instruments installed on the mass plates and on the shaking table 

it was concluded that there was no torsional motion in the mass plates. In subsequent 

presentations of results the mass simulator accelerations are utilized because the main 

purpose of the acceleration measurements is to quantify the inertia forces generated by the 

mass simulator. 

 

Strain and clip gage measurements  

 

In the elastic range of response the strain gage values that were calibrated against plastic 

hinge element bending moments in the component tests (see Section 6.5.4.2 and Table C1 

of Appendix C) permit the derivation of all internal force quantities in the test frame. Figure 

7.21 shows the moments at each joint of the test frame after extrapolating moments from 

the plastic hinge element locations that were deduced based on strain calibrations at 8.10 

sec after the beginning of SLE. The sum of moments at each joint should be equal to zero, 
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which is reasonably well achieved with the exception of the right exterior joint at floor 3 

where the sum of beam moments differs by 18% from the sum of column moments. The 

presented values provide an indication of the accuracy with which elastic moments can be 

predicted from strain measurements taken during the shaking table test. 

 

The moments obtained from these strain measurements were used to derive column shear 

forces and story shear forces and to compare the latter to the story shear forces obtained 

from force measurements in the horizontal links. Figure 7.22 shows this comparison, with 

the story shear forces obtained from the horizontal links in parenthesis. The results are 

comparable but not identical, permitting further judgment on the accuracy of moment and 

shear force measurements from strain gage calibrations (based on extensive calibrations, 

full confidence is placed in the story shear force values obtained from the link 

measurements).  

 

Strain measurements were also used to detect when and where the structure behaved 

inelastically for the first time. The first plastic hinge elements that reached the inelastic 

range were the first floor beams during DLE almost simultaneously with the column base. 

Figure 7.23 shows a time window of the strain histories of the top and bottom flange plates 

of the exterior first floor beam during DLE. The engineering yield strain as measured in the 

component tests is shown with horizontal lines in the figure. Based on this figure, local 

inelastic behavior occurred for the first time 6.66 sec after the beginning of DLE. 

 

Peak interstory drift ratios and IDA curve 

 

Peak interstory drift ratios (IDR) of Frame #1 at various levels of ground motion intensity 

are presented in Figure 7.24. For the CLEF test the peak IDR profile at the ICL are plotted. 

As seen from this figure, prior to CLEF the absolute maximum IDR of Frame #1 was in the 

second story. At the ICL the peak absolute IDR migrated to the first story. Interstory drift 
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ratios were deduced from the Krypton system since it was judged to be the most reliable 

instrument at large deformations (near ICL). 

 

Figure 7.29 shows the residual drift ratios of Frame #1 at various ground motion intensities 

prior to ICL. Before the CLEF the test frame had a residual drift of about 13% in the second 

story. The existence of residual drifts in all stories at the DLE indicates that inelastic 

deformations were distributed over all four stories, including the top story that was not part 

of the final collapse mechanism of Frame #1 shown previously in Figure 7.18. 

 

Ground motion intensity versus peak roof drift ratio of the “physical” IDA is shown in 

Figure 7.26. The basic difference between a typical IDA curve (Vamvatsikos and Cornell, 

2002) and the one obtained experimentally in this testing program is that each time that the 

intensity of the ground motion is increased the initial conditions for the frame are 

determined by preceding loading histories. Thus, there is cumulative damage in the 

“physical” IDA that does not exist in a typical analytical IDA. In all the analytical 

simulations that were carried out the cumulative damage from previous tests was 

considered. Superimposed on the experimental IDA in Figure 7.26 is the IDA curve as 

obtained from the pre–test collapse predictions.  

 

The analytical pre-test IDA curve shows that the last stable point of Frame #1 is at 190% of 

the unscaled Canoga Park record as illustrated in Figure 7.26. It was decided to “challenge” 

the pre-test analytical prediction and designate this level as the collapse level for the 

shaking table test. In the CLE test the frame experienced a large peak roof drift of about 

11%, but it did not fully lose its lateral resistance. This necessitated the execution of an 

additional test, denoted as CLEF. Somewhat arbitrary, and in order to assure collapse, the 

CLEF level was chosen as 220% of the unscaled Canoga Park record. As noted before, 

Frame #1 collapsed very early in the CLEF test. Thus the final collapse level CLEF 

represents an experimental point only; but it is not part of the physical IDA curve shown 

Figure 7.26. The reason is that the test frame would have collapsed after the CLE even if a 
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motion with a relatively low ground motion intensity would have been used, as is discussed 

in Section 7.6.5. 

 

Yield pattern and collapse mechanism 

 

The yield patterns of Frame #1 are illustrated in Figures 7.27 and 7.28, in which the 

residual rotations over 1.50" length (θr
1.5") of the plastic hinge element flange plates are 

presented, as deduced from the clip gages after completion of each applied ground motion. 

Figure 7.28(b) shows the actual rotations θ1.5" of each plastic hinge element at the Incipient 

Collapse Level, ICL, since this was the last reading unaffected by interference from 

collapse prevention mechanisms. In case a clip gage measurement was not reliable (clip 

gage slipped with respect to its attachment point or the assigned channel was not recording 

properly), θ1.5" was deduced from the Krypton system if measurements were available for 

the plastic hinge element of interest. In case no measurement was available, θ1.5" is marked 

on the figure as not reported (NR). Since the yield rotation of each plastic hinge element is 

a “negligible portion of θ1.5" the latter was used as an approximation of the plastic rotation 

of each plastic hinge element that was damaged. 

 

In summary, the shaking table tests provided an essentially complete set of experimental 

data from which all seismic force and deformation parameters of interest can be derived for 

the set of ground motions to which the test frame was subjected. Of primary interest is 

behavior close to collapse. The comparison of pre-test analytical collapse simulations of 

Frame #1 with the experimental data showed that even if the collapse point was not 

captured precisely the analytical prediction of the collapse capacity of Frame #1 for the 

Canoga Park record was within reasonable accuracy. Correlation between experimentally 

measured or derived parameters and corresponding analytical post-test predictions are 

discussed in Section 7.6.5. 
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7.5.2 Test Frame #2 

 

7.5.2.1 Modal properties 

 

In order to reduce the effect of friction damping on the dynamic response of Frame #2 all 

the gravity links used to support the mass plates were removed one by one and the interior 

surface of the ball joints of the spherical hinges was greased. After a sequence of WN and 

SS tests the properties of the first two mode shapes and periods of Frame #2 were reliably 

obtained. Figure 7.29 shows the transfer function at the roof level of Frame #2 after a 0.10g 

WN test. The first and second mode periods of Frame #2 were 0.457 sec and 0.158 sec. 

Both periods match well with the target scaled mode periods of the prototype frame (T1,s = 

0.467 sec and T2,s = 0.132 sec). [An exact match should not be expected because of the 

simplifications made in the fabrication of the test frame.] Figure 7.30 shows the first two 

mode shapes of Frame #2 obtained based on the approach discussed in Bracci et al. (1992). 

Shown in the same figures are the first two mode shapes of Frame #2 as predicted from the 

mathematical model used for post-test collapse prediction (see Section 7.6). Even though 

the effect of friction damping on the elastic behavior of Frame #2 was smaller compared to 

Frame #1(8% “equivalent” viscous damping based on a 0.6g PT test), it was not feasible to 

determine viscous damping properties from the conducted elastic tests. A detailed 

evaluation of friction damping is presented in Section 7.6.1. 

 

7.5.2.2 Global Behavior 

 
General description and observations 

 

Figure 7.31 shows the roof drift response of Frame # 2 during its main response phases at 

various intensities of the Canoga Park record from elastic behavior up to collapse and also 

at the designated MCE level using the Llolleo record (from 9sec to 16sec). As seen from 
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this figure Frame #2 started drifting in the same direction as Frame #1 but it collapsed in 

the opposite direction. 

 

Figure 7.32 shows the story drift history of Frame # 2 during its main response phases at 

various intensities. In the DLE test Frame #2 behaved almost identical to Frame #1 

indicating that friction damping was not critical at this level of ground motion intensity and 

higher (see also Section 7.6.1). From the interstory drift ratio histories of the first three 

stories of the frame it can be seen that most of the inelastic action was concentrated in those 

three stories that were part of the final collapse mechanism.  

 

In the MCE test (intended to reproduce 150% of Llolleo motion) the applied ground motion 

did not cause an increase in residual drift, which was very puzzling until it was found out 

(long after all tests were completed) that the input ground motion was not reproduced 

successfully in the shaking table. Figure 7.33 shows the acceleration spectrum of the 

achieved table motion for 150% of the unscaled Llolleo motion in comparison with the 

acceleration spectrum of the intended input in the model domail (T1=0.46sec). The 

ordinates of the spectra differ by a factor of about two. Thus, the executed MCE level test 

was of about half the intended intensity, which changed the behavior radically compared to 

pre-test predictions. 

 

The “MCE level” test did not change the residual drift in the individual stories by much 

and, if anything, it succeeded in straightening out the test frame (see later discussion related 

to IDR). In addition, significant out of plane movement was observed at the fourth floor 

beams due to the impact of those beams on the lateral bracing system of the test frame 

during the MCE test. The fourth floor beams were slightly distorted, as seen from Figure 

7.34. After field welding a temporary local lateral support at the location of beam distortion 

(see Figure 7.34) it was decided to continue testing but to switch back to the Canoga Park 

record.  
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In the CLE test (220% of unscaled Canoga Park record) Frame #2 started to drift in the 

opposite direction of motion and did not exceed a maximum IDR of about 0.05 rad, as 

shown in Figure 7.32. The reason why Frame #2 drifted in the opposite direction is 

explained later in this section.  

 

When repeating the 220% of Canoga Park record (CLEF) Frame # 2 collapsed 8.80sec after 

the scaled motion started, i.e., late in the test, which indicates that the actual collapse 

capacity of the frame was not much lower than the experimental point (see discussion in 

Section 7.6.5). The collapse mechanism shown in Figure 7.35 is identical to the collapse 

mechanism of Frame #1, except that Frame #2 collapsed in the opposite direction. The first 

safety mechanism that engaged in Frame #2 was the set of wooden blocks installed between 

the four stories of Frame #2.  This occurred 8.80 sec after the beginning of CLEF. Figure 

7.36 illustrates the “catching” mechanism after the completion of CLEF. 

 

Acceleration measurements 

 

Peak accelerations from accelerometers attached to the beams of the test frame and peak 

average accelerations (average of two values) from accelerometers attached to the plates of 

the mass simulator are compared in Figure 7.37 for various ground motion intensities, with 

similar observations as have been made for Frame #1. Comparing Figures7.20 with 7.37 it 

is observed that the peak accelerations for Frame #1 and Frame #2 follow the same pattern 

for the same ground motion record and intensity. The fact that the peak floor accelerations 

in tests SLE and DLE are larger for Frame #2 than Frame #1 is attributed to the much 

reduced friction damping in Frame #2.  

 

Strain and clip gage measurements  

 

Since Frame #2 was not fully instrumented with strain gages (only interior column and 

beams), strain measurements (εSG) on the flange plates were correlated with the ones 
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measured from the clip gages (εCG) over 1.5" length in order to check the moment 

equilibrium per joint of Frame #2. Figure 7.38 shows a comparison of two strain histories at 

the exterior end of the first floor beam during SLE for top and bottom flange plates. The 

measurement denoted with a solid line was obtained directly from strain readings and the 

other (dashed line) was deduced from the clip gage. As seen, the two strain histories are 

almost identical with only a small deviation at the peaks, possibly because of the lower 

resolution of the clip gage readings.  

 

Interstory drift ratios and IDA curve 

 

Peak IDRs of Frame #2 are presented in Figure 7.39. Frame #2 performed very similarly to 

Frame #1 at the DLE level, indicating that friction damping was not a major issue at this or 

larger ground motion levels (see discussion in Section 7.6.1). As seen from the same figure, 

peak IDRs in the “MCE level” test (1.5 times the unscaled Llolleo record) did not exceed 

peak IDRs in the “DLE level”.  

 

Even though the Llolleo record did not cause a significant increase in story drift in the MCE 

test, the residual story drifts along the height of Frame #2 after the MCE test were 

somewhat different compared to those after the DLE test of Frames #1 and #2. This can be 

seen in Figure 7.40, which shows residual drifts of Frame #2 at various ground motion 

intensities prior to CLEF. This relatively small difference in the residual drifts, together 

with the fact that in Frame #2 the subsequent test had an intensity of 2.2 times Canoga Park 

as compared to 1.5 times Canoga Park for Frame #1, are the reasons why Frame #2 started 

to drift in the opposite direction when the CLE motion was applied. 

 

Figure 7.41 shows the experimental “IDA” curve of Frame #2. After DLE (CP) the “IDA” 

curve is dashed because the faulty Llolleo record was used at MCE (LL), which led to a 

decrease in the roof drift. The terms CP and LL are used to distinguish between the ground 

motions (Canoga Park and Llolleo) used. The CLEF (CP) point is not part of the “IDA” 
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curve because Frame #2 would have collapsed at a slightly lower intensity after CLE (CP) 

as discussed in Section 7.6.5. In the same figure the pre-test analytical predictions are 

superimposed. The analytical prediction indicated that Frame #2 would be close to collapse 

at the MCE level. However, the situation changed drastically because of the unsuccessful 

reproduction of the input ground motion in the MCE shaking table test. Using the recorded 

MCE table motion, the “pre-test” prediction for Frame #2, which was executed after 

completion of the test series, would have reproduced the test results rather well (see Figure 

7.41 pre-test prediction #2). 

 

Yield Pattern – Collapse mechanism 

 

The yield pattern of Frame #2 is illustrated in Figures 7.42 and 7.43 in which the residual 

rotations over 1.50" length (θ1.5") as deduced from clip gage readings are presented. Figure 

7.43(b) shows θ1.5" at the Incipient Collapse Level (ICL). As seen from Figure 7.42, at the 

DLE level the yield pattern of Frame #1 and #2 is the same. After the MCE test many of the 

residual rotations become smaller, and they clearly reverse direction after the CLE test. 

 

In summary, the shaking table tests for Frame #2 provided another essentially complete set 

of experimental data from elastic behavior up to collapse. The major differences between 

Frames #1 and #2 were: (1) the amount of friction damping, which was much less in Frame 

#2, and (2) the effect of the poorly reproduced Llolleo motion that changed the direction in 

which Frame #2 collapsed. The collapse mechanism was the same though for both frames.  

 

Issues related to dynamic response of both frames from elastic behavior up to collapse are 

addressed in Section 7.6 and interpreted based on correlation between experimentally 

measured or derived parameters and corresponding post-test analytical predictions. 
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7.6 Test Evaluation 

 

In this section the focus is on specific aspects of frame response derived from experimental 

data. Since Frames #1 and #2 were nominally identical (with minor deviations in flange 

plate strength of the plastic hinge elements) the test evaluation is presented together for 

both frames. The following issues are covered in this section: the effect of friction damping 

on global behavior of both frames, quantification of P-Δ effects from elastic behavior up to 

collapse, moment distribution at selected joints during plastification, and post-test collapse 

predictions of both frames. The mathematical model used to represent the model structure 

for the pre and post-test collapse predictions is based on concepts discussed in Sections 6.6 

and 6.7. 

 

7.6.1 Friction Damping 

 

As discussed earlier in this chapter, the presence of Coulomb damping (friction damping) 

made it difficult to identify modal properties and viscous damping of both test frames since 

friction damping is amplitude dependent. Figure 7.44 shows a comparison of the roof 

displacement time histories during SLE and DLE for both frames. As seen from these 

figures the dynamic response of both frames is quite different in the SLE tests but becomes 

very similar in the DLE tests, which indicates that the effect of friction damping on the 

dynamic behavior of both frames was no longer important at DLE or higher levels of 

ground motion intensity.  

 

In the pre–shaking table analysis predictions friction was not considered in the 

mathematical model of the test frame. Instead three percent viscous damping was assumed 

to approximately account for all sources of damping. For post–test analytical predictions of 

the response of the two frames a friction element was added per story, as shown in Figure 

7.45(a). The friction element is a rotational spring with the moment rotation diagram shown 

in Figure 7.45(b), inserted at each end of the gravity links (P-Delta column) that were 
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modeled originally as rigid elements with hinged ends. The moment Mf is the moment at 

which friction is overcome and the individual story starts to move. Assuming that the 

friction forces at the hinges are proportional to gravity per floor, Mf is estimated based on 

the response of the two frames at SLE after calibrating the friction springs in order to match 

the analytically predicted elastic behavior of each one of the frames with the experimentally 

obtained SLE response. Figure 7.46 shows a comparison between analytically predicted 

response of Frame #1 and experimental data for roof displacement (Figure 7.46(a)) and first 

floor displacement (Figure 7.46(b)). After calibrating Mf at SLE an Mf = 4k-in was obtained 

for the friction elements of the 4th story, i.e., 16k-in (4.Mf) for the friction elements at the 

base. This result to a base shear force of about 1.3kips, which seems to be high but reflects 

the difficulties in quantifying all contributions to friction since the portion due to Poisson’s 

effect from pre-tensioning the bolts of gravity links is not proportional to the gravity load in 

each story. 

 

The same value for Mf was used in order to predict the response of Frame #1 at DLE. 

Figure 7.47 shows the comparison between analytical prediction and experimental data for 

the roof and first floor displacements. As seen from this figure the predicted response of 

Frame #1 (dashed line) is fairly close to the experimental data. A similar approach was used 

to calibrate the rotational spring for Frame #2. It was found that half of Mf of Frame #1 (2 

k-in) should be used in order to match elastically the dynamic response of analytical model 

with the experimental data. Figure 7.48 shows the predicted and experimental response 

histories of Frame #2 at DLE using the calibrated rotational spring, and again the response 

is captured fairly well. The values of Mf of the calibrated friction elements indicate that the 

friction damping in Frame #2 was much smaller than in Frame #1. 

 

7.6.2 Story Shear Distribution at Various Levels of Ground Motion 

 

Story shear forces are usually defined as the sum of inertia force above a certain floor level. 

This definition implies that P-Delta effects, which amplify member forces and story drift, 
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are considered separately from inertia forces. In the shaking table tests performed in 

Buffalo the P-Delta effect is transferred through horizontal links from the gravity simulator 

to the test frame, which is fully equivalent to the use of a “leaning column” to simulate P-

Delta effect in analytical models. Thus, in the evaluation of the tests we can distinguish 

between two types of story shear forces; those generated by inertia forces, and referred to 

here as inertia based story shear forces, and those generated by inertia forces plus P-Delta 

effects, referred to here as effective story shear forces. The former are measured as the sum 

of masses times accelerations of the mass simulator floor masses, and the latter are 

measured as the sum of the link forces transferred from the mass simulator to the essentially 

weightless test frame. The difference between the two shear force quantities is the effect of 

structure P-Delta. 

 

Histories of inertia based story shear forces (denoted as Vi
a, in which i is the story number) 

of Frame #1 are presented in Figures 7.49(a) to 7.53(a) for a selected time window during 

SLE, DLE, MCE, and CLE tests. Each figure includes all four story shear force histories for 

comparison purposes. Superimposed in the same figure is the roof drift response (light grey 

dashed-dotted line) of the frame in order to map story shear forces with roof drift 

measurement. From these figures it can be seen that the inertia based story shear forces 

develop their maximum at roof displacements smaller than the maximum displacements 

because large displacements cause large P-Delta effects, which in turn reduce the inertia 

forces that can be resisted in the inelastic range. 

 

The presented histories permit an assessment of the relative values of inertia based story 

shear forces over the height of the structure. The maxima of the shear forces in the 

individual stories are not well synchronized, which demonstrates that even in this first mode 

dominated structure the effects of higher modes on story shear force distribution are 

important. Moreover, there is little indication that a code based parabolic story shear force 

distribution is representative of actual behavior. A consistent observation is that the inertia 

based story shears become small as the story drifts become very large, which demonstrates 
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the importance of P-Delta effects.  Story shear force histories based on force measurements 

in the four horizontal links which account for effect of P-Δ, are summarized in Appendix E. 

 

Figures 7.49(b) to 7.53(b) show the distribution of maximum story shear forces along the 

height of the structure for at various ground motion intensities, for both inertia based shear 

forces (denoted as Vi
a) and effective shear forces based on link force measurements 

(denoted as Vi
L). The increasing difference with increasing ground motion intensity 

between the two measurements is fully attributed to P-Δ effects, as discussed later is 

Section 7.6.3. It is noteworthy that the difference between first and fourth story maximum 

shear force is small in the elastic range (SLE) but becomes larger as the intensity of the 

ground motion increases. 

 

Peak overturning moments (OTM) at each floor level obtained from inertia based story 

shear forces (denoted as OTMi
a) and effective shear forces (denoted as OTMi

L) are 

illustrated in Figures 7.49(c) to 7.53(d) for various ground motion intensities. The 

difference between the two measurements is attributed to P-Δ effects. Overturning moment 

histories at the base of the frame based on horizontal link measurements are summarized in 

Appendix E for both frames. 

 

7.6.3 Base Shear – 1st Story Drift and Quantification of P-Delta Effects 

 

P-Delta becomes an increasingly important issue as drifts in the test frame become larger, 

and it becomes an overriding issue as the frame approaches collapse. The test setup, with 

the “weightless” test frame driven by a mass simulator that is connected to the test frame by 

a series of instrumented links, provides an excellent opportunity to measure and quantify P-

Δ effects in an explicit manner.  The floor forces measured by the horizontal links are the 

sum of the inertia forces plus P-Δ forces transferred from the mass simulator to the test 

frame. Summing these floor forces from top to bottom results in story shear force 

measurements that include both inertia forces and P-Δ effects. The inertia forces can be 
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quantified independently from the readings of the accelerometers attached to the floor 

plates multiplied by the masses of the floor plates. Summing these inertia forces from top to 

bottom results in story “shear” measurements that account for inertia force effects only. The 

difference between the two measurements is attributable to P-Δ effects. Strictly speaking 

the load cell measurements include also the forces due to friction in the mass simulator but 

these forces are negligible compared to forces due to P-Δ effects. 

 

Figures 7.54 and 7.55 show measured base shear – first story drift relationships obtained 

from the link load cells (denoted as V1
L) and from accelerometers, i.e., inertia forces 

(denoted as V1
a), for the CLEF tests of Frames #1 and #2, respectively. The differences 

between the two diagrams are fully attributable to P-Δ effects.  As can be seen, the 

differences are large and increase with the story drift (IDR1).  For Frame #1 (Figure 7.54) 

the inertia based shear force approaches zero at an IDR of 0.15, which means that the test 

setup (frame plus mass simulator) would collapse if the ground motion would stop at this 

instance, because the P-Δ effects fully offset the lateral resistance of the frame, i.e., the 

structure would continue to “rotate” about its base until a collapse prevention mechanism 

engages. The observed large increase in lateral resistance at drifts larger than 0.15 is due to 

table motion reversal that generates a wave traveling up the structure and recreates 

resistance that permits a large increase in inertia forces even though the structure continues 

to move towards collapse. 

 

The actual resistance of the test frames is represented by the V1
L – IDR diagrams in Figures 

7.54 and 7.55, and the difference between the V1
L – IDR and V1

a – IDR diagrams represents 

the P-Δ effect.  For a given drift the P-Δ effect in the first story can be approximated by an 

equivalent story shear equal to Pδ1/h1, with P being the total weight of the plates of the 

mass simulator, h1 being the first story height, and δ1 being the first story drift. When this 

quantity is added to V1
a, the shear forces shown dashed in Figures 7.54 and 7.55 are 

obtained. The observation that the dashed shear force - drift diagrams are close to the 
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measured V1
L – drift diagrams confirms that all measurements are of adequate accuracy and 

that the P-Δ effect can indeed be represented reasonably by the simple term Pδ/h. 

 

Superimposed on the shaking table results in Figures 7.54 and 7.55, and shown in heavy 

dashed-dotted lines, are static pushover curves with and without P-Δ obtained from post-

test analytical predictions. A comparison of the pushover curves with envelopes of the 

dynamic test results provides insight into the value of a pushover analysis for response 

prediction close to collapse for a first mode controlled frame. 

 

Of some interest, although not related to the P-Δ issue, are frequently observed dips 

followed by rapid shear force increases in the base shear – drift diagrams.  Two examples 

are illustrated in Figure 7.56 in the CLE response of Frame #1 (point A followed by point 

B, and Point C followed by point D). In both cases the drift increases gradually from the 

first to the second point (see Figure 7.57) but the ground acceleration reverses rather rapidly 

at the first point (see Figures 7.58 and 7.60). This reversal creates a transient wave that 

causes a rapid change in the first story inertia force, as shown in Figures 7.59 and 7.61, 

which in turn is reflected in a rapid increase in the first story shear force. 

 

The last observation made here may not be very important in the context of global response 

of the test frames, but it illustrates the value of the comprehensive set of data collected in 

these shaking table tests.  The availability of experimental data that permits calculation of 

all relevant force and deformation quantities facilitates the study of phenomena that 

otherwise could be evaluated only from results of numerical investigations. 

 

7.6.4 Moment Values During Plastification Based on Clip Gage Measurements 

 

In Section 7.5 it was shown that in the range of elastic behavior the strain measurements of 

the flange plates at each hinge location of both frames can be correlated with the associated 

moments and that moment equilibrium is satisfied with reasonable accuracy. The post 
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shaking table component tests (see Section 6.7), in which the shaking table test “rotation” 

history experienced by several plastic hinge elements was simulated, permitted us to obtain 

loading history dependent calibrations of moments as a function of measured clip gage 

readings (see Section 6.6). Using these calibrations, moments at specific plastic hinge 

locations could be derived from clip gage readings obtained in the shaking table tests at 

very large inelastic deformations in which the structure approaches collapse. Locations for 

which these post shaking table test calibration tests were performed include plastic hinges 

at the base of the exterior column, first floor beam at the interior column line and third story 

column at the top.  

 

Figure 7.62 shows moment values at the first floor exterior joint of Frame #1 at selected 

times during the ground motion intensities from DLE up to collapse. The moments are 

obtained from the aforementioned post shaking table calibration studies (column base and 

beam plastic hinge) and from previously discussed elastic calibrations for locations at 

which the response was elastic (top of first story column and bottom of second story 

column). For the CLEF level (see Figure 7.62(d)) the moment at the incipient collapse level 

(ICL) were computed. The moments at the base of the first story exterior column and the 

first floor beam are clearly smaller in the ICL case than the CLE case (Figure 7.62(c)) 

because of strength deterioration at these plastic hinge locations.  

 

7.6.5 Post – Shaking Table Collapse Predictions 

 

The first modification to the analytical model used to predict the dynamic behavior of 

Frames #1 and #2 from elastic range up to collapse was the incorporation of friction 

elements discussed in Section 7.6.1. Although this modification is not important for ground 

motion intensities larger than DLE it is appropriate to consider friction for the SLE and 

DLE.  
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The achieved table motions, as measured from the accelerometers installed on the shaking 

table, are used as the input motions for post-test analysis since they slightly differ (but not 

by much) compared to the original input motion for all the ground motion intensities except 

the MCE level motion used for Frame #2 in which the table did not successfully reproduce 

the input ground motion as discussed earlier.  

 

There are differences in the deterioration parameters between the post-test and pre-test 

analytical model used to simulate component deterioration for critical plastic hinge 

locations. The new deterioration parameters used are based on the calibration of the three 

plastic hinge elements (column base, first floor beam and at the top of the third story 

column) discussed in Section 6.7. The calibrated deterioration parameters for the selected 

locations were summarized in Table 6.9. Comparing these values with pre-test calibrations 

(Table 6.8) it is seen that the plastic rotation capacity (θp) values are eseentially identical.  

The rate of cyclic deterioration of the beams based on the post-shaking table test 

experimentation is slightly higher than the assumed values from tests prior to shaking table 

collapse series.  Based on past studies by Ibarra and Krawinkler (2005) it was shown that 

variations in this parameter of the magnitude seen here do not have a significant effect on 

the collapse capacity of deteriorating structural systems. 

 

The calibrated θpc values based on the post-shaking table component tests are almost 40% 

larger than the calibrated values obtained from pre-shaking table tests for reasons explained 

in Section 6.7. A smaller θpc value accelerates the P-Δ effect on the collapse capacity of a 

frame structure, i.e. the structure deflects more due to P-Δ and collapse occurs earlier.  

 

Figures 7.63(a) and 7.63(b) show the “IDA” curves for both test frames, as obtained from 

the shaking table tests and as predicted analytically after the modifications discussed in the 

previous paragraphs. It is observed that the behavior of both frames can be predicted fairly 

well with the use of relatively simple analytical models. It is demonstrated that accurate 

representation of deterioration modeling parameters of both test frames near collapse is 
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important for predicting the collapse capacity of a deteriorating structural system with 

relatively small error.  

 

The black dotted line that is superimposed in Figures 7.63(a) and 7.63(b) after the CLE 

level indicates that both frames would have collapsed at a lower level of intensity based on 

analytical simulations considering the deformed configuration of both frames after the CLE 

test. The fact that the dotted line is much steeper in Figure 7.63(a) compared to the one in 

Figure 7.63(b) is attributed to the larger permanent deformation of Frame #1 compared to 

Frame #2 after the completion of CLE. 

 

Figure 7.64 show a time window of the story drift histories obtained from the CLE shaking 

table tests for Frames #1 and #2. In the same plots the responses from post -test analytical 

simulations are superimposed. As seen from these figures the fourth story drift histories are 

overestimated by the analytical model for both frames but in the first three stories, which 

are part of the collapse mechanism for both frames, the analytical prediction is not far from 

reality considering the simplifications of the mathematical model. 

 

Figures 7.65 and 7.66 illustrate the base shear - first story IDR for Frames #1 and #2 based 

on experimental data and post-test analytical predictions including the effect of P-Δ, i.e., the 

base shear force is computed from measurements from the horizontal links. The overall 

response is captured fairly well, except that the analytical model seems not to be able to 

capture the sudden strength increases observed in Frame #1, particularly at drifts larger than 

15%. This is an unresolved issue. 

 

 

7.7 Summary and Conclusions 

 

This chapter discusses shaking table test series of two 1:8 scale models of a two-bay steel 

frame with reduced beam section connections designed based on recent seismic provisions. 
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The steel frame serves as the lateral load resisting system of a 4-story office building as 

discussed in Chapter 5. The two scale models were subjected to a series of ground motions, 

using the shaking table of the NEES facility at the State University of New York at Buffalo. 

The shaking table tests produced a comprehensive set of well documented data that 

quantifies engineering demand parameters such as story forces and shears, story drifts, 

plastic rotations, and floor accelerations, in the elastic and inelastic ranges all the way to 

collapse. The data is available through (http://central.nees.org). 

 

Frame #1 was subjected to five different intensities of the Northridge 1994 Canoga Park 

ground motion record in order to investigate the behavior of the frame from elastic behavior 

up to collapse. Frame #2 was subjected to a different ground motion sequence after the 

Design Level Earthquake in order to investigate the effect of cumulative damage prior to 

collapse. In the MCE test Frame #2 did not perform as predicted, but it was found out much 

later that the reason for the unexpected performance was the inability of the shaking table to 

reproduce the desired input motion.  Hence, the MCE test was inconclusive, but it severely 

affected the initial conditions for the subsequent CLE test.  

 

The test series performed on each model frame can be considered as IDAs, except that each 

subsequent test had different initial conditions that were created by cumulative damage 

caused in all preceding tests. 

 

The collapse mechanism of both frames was a 3-story mechanism. In both frames plastic 

hinges formed at the top of the third story even though the prototype structure fulfilled the 

strong column weak beam criterion at these locations. The two frames collapsed in the 

opposite direction because of different ground motion sequence.  

 

Friction damping was considered in the analytical model for post-shaking table collapse 

predictions with the use of a friction rotational element per story after matching the 

individual analytical responses of the two frames with the experimental data at SLE. It was 
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shown that friction damping had a negligible effect on the behavior of the two frames at the 

DLE level and larger intensities. 

 

Using a combination of rotation measurements obtained from clip gage measurements in 

flange plates and calibrations from post–shaking table component tests of important regions 

of test Frame #1 (first floor beam and exterior column base) it was shown that moments in 

these regions can be deduced from clip gage measurements for the full range of behavior up 

to incipient collapse, including the range of strength deterioration. 

 

In the shaking table collapse tests the instrumented links between the mass simulator and 

test frame offered an excellent opportunity to measure and quantify P-Δ effects in an 

explicit manner. It was demonstrated that from elastic response up to collapse the P-Δ effect 

in the first story is well represented by an equivalent story shear equal to Pδ1/h1, with P 

being the total weight of the plates of the mass simulator, h1 being the first story height, and 

δ1 being the first story drift. An observed large increase in lateral resistance at large drifts 

indicates that a collapse prevention mechanism engages due table motion reversal that 

generates a wave traveling up the structure and recreates resistance that permits a large 

increase in inertia forces even though the structure continues to move towards collapse. 

 

The difference between overturning moments (OTMs) as deduced from inertia forces and 

OTMs as deduced from the horizontal links was again attributable to P-Δ effects. The 

reason why peak OTMs do not increase by much with an increase in ground motion 

intensity from DLE up to ICL is the strength deterioration observed at large drifts. 

 

It was shown that relatively simple analytical models can be used to predict the behavior of 

both test frames up to collapse with a satisfactory level of accuracy – provided that the 

deterioration characteristics of critical components are adequately represented in the 

analytical models. It was shown that accurate representation of the post capping rotation 

capacity θpc is essential for prediction of the collapse capacity of a frame. After re-
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calibrating the deterioration modeling parameters of critical plastic hinge elements based on 

component tests conducted at Stanford after the shaking table tests, it was feasible to 

accurately reproduce analytically the behavior of both frames near collapse. These post-

shaking table component tests, and the collapse predictions based on these tests, did 

demonstrate that the response close to collapse is sensitive to the loading history every 

component experiences as part of the structure. 

 

Both shaking table collapse test series demonstrated the value of the comprehensive set of 

data collected in these tests and facilitated the study of phenomena that otherwise could be 

evaluated only from results of numerical investigations. Both shaking table test series 

provided evidence that an accurate analytical model is capable of simulating dynamic 

behavior up to collapse. 
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Figure 7.1.  Test frame after completion of assembly on the flat steel plate 

 

       
 (a) (b) 

 

Figure 7.2.  Mass simulator erection sequence; (a) installation of mass plates on the shaking 

table, (b) gravity links 
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Figure 7.3.  Installation of test Frame #1 on the shaking table 

 

 
Figure 7.4.  Horizontal link connecting the test frame and mass simulator 
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Figure 7.5.  Test setup after completion of erection process on the shaking table (Frame #1) 

 

 
Figure 7.6.  Krypton system 
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Figure 7.7.  First floor interior joint after installation of all the local instruments (Frame #1) 

 
Figure 7.8.  Plan view and elevation of the test frame and mass simulator 
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(a) completion of erection of mass simulator 

 

 
(b) test setup at the end of collapse test (Frame #1) 

 
(c) removal of test Frame #1 from the shaking table 

Figure 7.9.  Various snap shots during erection and experimentation (Frame #1) 
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(a) assembly of test Frame #2 

 

 
(b) test setup at the end of collapse test (Frame #2) 

 

 
(c) exterior joint of test Frame #2 at the end of collapse test 

 
Figure 7.10.  Various snap shots during erection and experimentation (Frame #2) 
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Northridge 1994 Canoga Park Unscaled Record
Acceleration Time History
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(a) Acceleration time history of Northridge 1994 Canoga Park record 

 
(b) Acceleration spectrum of Northridge 1994 Canoga Park record together with the design 

spectrum 

Figure 7.11.  Northridge 1994 Canoga Park unscaled record 
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Chile 1985 Llolleo Unscaled Record
Acceleration History
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(a) Acceleration time history of Chile 1985, Llolleo record 
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(b) Acceleration spectrum of Chile 1985 Llolleo record together with the design spectrum 

Figure 7.12.  Chile 1985 Llolleo unscaled record 
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Figure 7.13.  Transfer function at roof of Frame #1 based on a 0.1g WN test 

 

 

Frame#1: Roof Drift Ratio History
at Various Ground Motion Intensities
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Figure 7.14.  Roof drift ratio history for selected segments at various levels of intensity 

(Frame #1) 
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(a) IDR1 
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(b) IDR2 
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(c) IDR3 
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(d) IDR4 

Figure 7.15.  Story drift history for selected segments at various levels of intensity (Frame 

#1) 
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(a) after completion of DLE 

 

 
(b) after completion of MCE 

Figure 7.16.  Flange plate local buckling at exterior column base after DBE and MCE tests 

(Frame #1) 
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(a) after completion of CLE 

 

 
(b) after completion of CLEF 

Figure 7.17.  Flange plate local buckling at exterior column base after CLE and CLEF tests 

(Frame #1) 
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Figure 7.18.  Collapse mechanism of Frame #1 after completion of CLEF 

 

 
Figure 7.19.  “Catching” mechanism of Frame #1 at the Incipient Collapse Level (ICL) 
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Figure 7.20.  Peak absolute floor acceleration of Frame #1 and mass simulator at various 

ground motion intensities 
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Figure 7.21.  Moment equilibrium at joints of Frame #1 at t = 8.10sec, SLE  

 
 

Figure 7.22.  Story shear forces and distribution to story columns of Frame #1 (t = 8.10sec, 

SLE) 
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Figure 7.23.  Strain history of flange plates of exterior first floor beam of Frame #1, DLE 

test 
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Figure 7.24.  Peak interstory drift ratios at various ground motion intensities (Frame #1) 
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Frame # 1: Residual Story Drift
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Figure 7.25.  Residual story drift ratios of Frame #1 at various ground motion intensities 
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Figure 7.26.  IDA curve for Frame #1 as obtained experimentally together with pre-test 

analytical prediction 
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 (a) End of DLE (b) End of MCE 

Figure 7.27.  Residual θ1.5" at plastic hingle locations of Frame #1; (a) DLE, (b) MCE 

 

   
 (a) End of CLE (b) ICL 

Figure 7.28.  Rotation θ1.5" at plastic hingle locations of frame #1: (a) residual θ1.5" after 

CLE, (b) θ1.5" at ICL (positive direction is the same as used for moment equilibrium) 
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Figure 7.29.  Transfer function at roof of Frame #2 
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Figure 7.30.  Mode shapes of Frame #2 
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Frame#2: Roof Drift Ratio History
at Various Ground Motion Intensities
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Figure 7.31.  Roof drift history of Frame #2 for selected segments at various ground motion 

intensities 
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(d) IDR4 

Figure 7.32.  story drift history of Frame #2 for selected segments at various graound 

motion intensities 
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Frame#2: Llolleo (MCE) Acceleration Spectrum
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Figure 7.33.  Comparison between input and achieved table motion of MCE test in model 

domain (Frame #2, T1=0.46sec) 
 

 
Figure 7.34.  Distorted fourth floor beam after MCE due to out-of-plane motion 
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Figure 7.35.  Collapse mechanism of Frame #2 after completion of CLEF 

 

 
Figure 7.36.  “Catching” mechanism of Frame #2 at the end of CLEF 
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Figure 7.37.  Peak absolute floor accelerations of Frame #2 and mass simulator at various 

ground motion intensities 
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Figure 7.38.  Correlation of strain history as measured from strain gages and clip gages over 

1.5" length of flange plates of interior first floor beam of Frame #2 
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Figure 7.39.  Peak interstory drift ratios of Frame #2 at various ground motion intensities 
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Frame # 2: Residual Story Drift
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Figure 7.40.  Residual interstory drift ratios of Frame #2  

Frame # 2: 'IDA' curve
T1=0.46sec, ζ=3%, N=4, γ=0.20, P-Delta
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Figure 7.41.   IDA curve for Frame #2 as obtained experimentally together with pre-test 

analytical prediction 



 

________________________________________________________________________________________ 
Chapter 7                                                                                                        Shaking Table Collapse Test Series 

 298

 

   
 (a) End of DLE (b) End of MCE 

Figure 7.42.  Residual θ1.5" at plastic hingle locations of Frame #2; (a) DLE, (b) MCE 

 

   
 (a) End of CLE (b) ICL 

Figure 7.43.  Residual θ1.5" at plastic hingle locations of Frame #2; (a) CLE, (b) ICL 
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Figure 7.44.  Comparison of roof displacement history between Frames #1 and #2; (a) SLE, 

(b) DLE 

 



 

________________________________________________________________________________________ 
Chapter 7                                                                                                        Shaking Table Collapse Test Series 

 300

       
(a) rotational springs representing (b) moment-rotation behavior of rotational 

  friction  springs 

Figure 7.45.  Friction element (a) mathematical model representetion; (b) simplified 

behavior of friction element 
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Figure 7.46.  Response comparison between analytical predictions using the calibrated 

friction element and experimental data at SLE level, Frame #1; (a) roof displacement, (b) 

first story displacement 
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Frame #1: Analytical Prediction of Roof Response (DLE)
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Figure 7.47.  Response comparison between analytical predictions using the calibrated 

friction element and experimental data at DLE level, Frame #1; (a) roof displacement, (b) 

first story displacement 
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Figure 7.48.  Response comparison between analytical predictions using the calibrated 

friction element and experimental data at DLE level, Frame #2; (a) roof displacement, (b) 

first story displacement 
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(a) Inertia based story shear force histories for Frame #1, SLE 

 

0 2 4 6 8
0

1

2

3

4
Frame #1: SLE Peak Story Shear Forces

Story Shear Force (kips)

H
ei

gh
t

 

 

Vi
L

Vi
a

0 100 200 300 400 500
0

1

2

3

4

Peak OTMi (Kips-in)

Fl
oo

r

Frame #1 : SLE: Peak OTM at Floor

 

 

OTMi
 L

OTMi
a

 
 (b) peak story shear forces at SLE  (c) peak OTM at floor levels, SLE 

 

Figure 7.49.  Story shear forces and peak OTMs of Frame #1 at SLE 



 

________________________________________________________________________________________ 
Chapter 7                                                                                                        Shaking Table Collapse Test Series 

 303

6 6.5 7 7.5 8 8.5 9
-15

-10

-5

0

5

10

15

Time, t(sec)

St
or

y 
Sh

ea
r F

or
ce

s 
(k

ip
s)

 

 

Va
1

Va
2

Va
3

Va
4

-0.01

-0.005

0

0.005

0.01

0.015

0.02

0.025

R
oo

f D
rif

t (
ra

d)

Frame #1: DLE: Story Shear Forces

 

 

Roof Drift

 
(a) Inertia based story shear force histories for Frame #1, DLE 
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Figure 7.50.  Story shear forces and peak OTMs of Frame #1 at DLE 
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(a) Inertia based story shear force histories for Frame #1, MCE 
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Figure 7.51.  Story shear forces and peak OTMs of Frame #1 at MCE 
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(a) Inertia based story shear force histories for Frame #1, CLE 
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Figure 7.52.  Story shear forces and peak OTMs of Frame #1 at CLE 
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(a) Inertia based story shear force histories for Frame #1, CLEF 
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Figure 7.53.  Story shear forces and peak OTMs of Frame #1 at CLEF 
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Figure 7.54.  Inertia based and effective base shear force versus first story drift, Frame #1 

(CLE, CLEF) 
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Figure 7.55.  Inertia based and effective base shear force versus first story drift, Frame #2 

(CLEF) 
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Figure 7.56.  Effective base shear versus 1st story drift of Frame #1, CLE 

 

6 6.5 7 7.5 8 8.5
0

0.02

0.04

0.06

0.08

0.1

0.12

ID
R 1 (r

ad
)

Time, t(sec)

Frame # 1 : CLEF: First Story Drift - Time History (t=6.0-8.5sec)

D

C

A

B

 
Figure 7.57.  1st story drift history of Frame #1 during CLE (t=6.0sec to 8.5sec) 
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Figure 7.58.  Ground acceleration history of Frame #1 during CLE (t=6.4sec to 6.5sec) 
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Figure 7.59.  Story force histories of Frame #1 during CLE (t=6.4sec to 6.5sec) 
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Figure 7.60.  Ground acceleration history for Frame #1 during CLE (t=8.0sec to 8.5sec) 
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Figure 7.61.  Story force histories of Frame #1 during CLE (t=8.2sec to 8.5sec) 
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 (a) DLE (b) MCE 

 

 
 (c) CLE (d) CLEF 

Figure 7.62.  Moment equilibrium during plastification at exterior first floor joint of Frame 

#1 at four different “snap shots” at various ground motion intensities  
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(a) 'IDA' curve for Frame #1 

 

Frame #2: 'IDA' Curve Comparison with Post-Test Prediction
T1=0.46sec, ζ=1%, N=4, γ=0.20, P-Delta
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(b) 'IDA' curve for Frame #2 

Figure 7.63.  Experimental and post – test analytical 'IDA' curves; (a) Frame #1, (b) Frame 

#2 
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(a) Frame #1 

 
(b) Frame #2 

Figure 7.64.  Interstory drift ratios of Frames #1 and #2 during CLE 
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Figure 7.65.  Base shear – 1st story IDR of Frame #1 
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Figure 7.66.  Base shear – 1st story IDR of Frame #2 
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CHAPTER 8 

CASE STUDIES 
_________________________________________________________________________ 

 
 

8.1 Objective and scope 

 

This chapter summarizes case studies performed in order to evaluate the capability to 

predict collapse of structural systems based on the knowledge gained from the previous 

chapters of this research. The case studies discussed in this chapter are: (1) analytical 

collapse predictions of the prototype structure presented in Chapter 5, (2) assessment of the 

importance of deterioration model parameters on collapse of this structure in view of the 

fact that the there are significant differences between prototype and 1:8 scale model 

deterioration properties, (3) performance assessment of a 15-story building structure 

designed according to Japanese practice, with the design information provided by Kajima 

Corporation, (4) modeling and prediction effort for the Blind Analysis contest by E-

Defense in advance of the shaking table test series performed on a 4-story steel frame 

building, (5) a parametric study evaluating the collapse capacity of non-ductile low-rise 

building structures based on evaluation of experimental data of infill walls, (6) collapse 

prediction of idealized models of Autoclaved Aerated Concrete (AAC) structures, and (7) 

collapse assessment of a residential adobe house reinforced with polymer mesh. 

 

All analyses efforts are concerned with 2-dimensional (2-D) models because the emphasis 

is to “exercise” a collapse prediction methodology and to illustrate practical utilization of 

this methodology. The validity of results depends strongly on the availability of test data on 

which to base deterioration modeling.  Most of the results available from experimental 
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studies are for 2-dimensional behavior except for the shaking table test conducted on the E-

Defense facility. 

 

For statistical evaluation of the collapse capacity a set of 40 “ordinary” ground motions 

recorded in California is used in several of the case studies.  These ordinary ground motions 

were recorded on stiff soil (or soft rock) and do not exhibit pulse-type near-fault 

characteristics. In this set the source-to-site distances range from 13 to 40 km, and the 

moment magnitudes range from 6.5 to 6.9. A detailed description of the characteristics of 

the record set is provided in Medina and Krawinkler (2003). It is important to note that in 

California the long return period hazard may be controlled by near-fault ground motions 

with forward directivity (records exhibiting pulse-type characteristics), which have different 

frequency characteristics than the records contained in the set of 40 ordinary ground 

motions.  However, the main purpose of the case studies is to illustrate collapse evaluation 

based on the knowledge gained from case specific experiments or the component databases 

discussed in Chapter 3, and for this reason the same set of ordinary ground motions is used 

at all hazard levels. 

 

 

8.2 General Assumptions in 2-D Modeling of Frame Structures 

 

Herein it is assumed that the objective of response prediction (analysis) is to compute 

demands for a performance evaluation of structures up to collapse, with an emphasis on 

forces and inelastic deformations around beam-column connections, forces in elements 

such as columns that need to be protected from excessive overloads, and deformations in 

walls that are dominated by flexural behavior. 

 

In the case studies discussed in this section, beams and columns are modeled as elastic 

elements with plastic point hinges at the ends. Inelastic behavior in walls is represented 

either by flexural springs or by translational springs in SDOF systems. The point hinges are 
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represented by rotational springs whose properties are obtained from engineering 

mechanics principles supplemented by backbone curve and deterioration rules obtained 

from the databases and predictive equations of deterioration parameters of structural 

elements discussed in Chapter 3 and 4 and idealized by the modified Ibarra-Krawinkler 

model discussed in Section 2.3.  

 

The tools used for analysis are a single degree of freedom program (SNAP) in which 

general hysteresis models and deterioration are incorporated and a modified version of the 

DRAIN-2DX computer program (Prakash et al. 1993). The original DRAIN-2DX version 

has been modified by Medina and Krawinkler (2003), Ibarra and Krawinkler (2005), 

Zareian (2006), and Lignos and Krawinkler (2008) and includes the deteriorating 

component models described in Sections 2.2 and 2.3 for various hysteresis behaviors 

(bilinear, peak-oriented, and pinching). 

 

 

8.3 4-Story Prototype Building Used in this Study 

 

This section summarizes the collapse evaluation of the east-west (EW) moment resisting 

frame with reduced beam sections (RBS) of the prototype 4-story office building, described 

in detail in Section 5.2. The calculated seismic weight per floor of the office building is 

summarized in Table 5.3 and the (EW) perimeter frame is shown in Figure 5.4.  

 

Deterioration parameters for both columns and beams are extracted from the steel database 

described in Chapter 3. The deterioration parameters used in the analysis of the prototype 

EW frame have been summarized in Chapter 6 (see Table 6.1). Representative experimental 

data used to evaluate the behavior of reduced beam sections of the 4-story moment resisting 

frame have been presented in Figure 6.1. 
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8.3.1 Performance Evaluation – Nonlinear Static Analysis 

 

Preliminary performance of the structure is evaluated from on a nonlinear static analysis, as 

illustrated in Figure 8.1.  The design base shear is marked with a horizontal line. The main 

reasons for the observed overstrength (maximum strength versus design base shear) are (1) 

beam sections are stiffness controlled even though the flanges of the RBS moment 

connections were reduced close to the 50% maximum permitted by FEMA 350 (2000) 

provisions, and (2) implementation of the strong column – weak beam code criterion. In 

addition, seismic code provisions require seismic compactness checks for columns and 

beams in order to control local buckling. In the design of the 4-story structure compactness 

checks controlled the column sections (W24 sections were selected for column design). 

 

The collapse mechanism at 8% roof drift is illustrated in Figure 8.2 based on static 

pushover analysis. As seen, on top of the third story plastic hinges develop in the columns 

even though the strong column - weak beam criterion in accordance with AISC (2005) 

seismic specifications is fulfilled. The collapse mechanism of both 4-story scale model 

frames during the shaking table collapse test series presented in Chapter 7 was identical 

with the one illustrated in Figure 8.8 (see Figures 7.18, 7.35). 

 

8.3.2 Dynamic Analysis 

 

For dynamic analysis of the 4-story moment resisting frame the set of 40 “ordinary” ground 

motions discussed in Section 8.1 is used. In order to determine the collapse capacity of the 

structure Incremental Dynamic Analysis (IDA) is employed. IDA plots for the set of 40 

ground motions are presented in Figure 8.3 in which the spectral acceleration for 5% 

damping at the first mode period of the structure is plotted versus (1) the roof displacement 

normalized with respect to the total height of the building (see Figure 8.3(a)) and (2) the 

maximum story drift ratio (see Figure 8.3(b)). As seen from the figures the IDAs become 

horizontal, indicating that the collapse capacity has been reached, at roof drifts less than 
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8%. This agrees with general conclusions from other studies (ATC-63). The practical 

implication is that frame collapse is not overly sensitive to component behavior 

characteristics at drifts exceeding 6 to 8% (e.g., large ultimate deformation capacity θu and 

strength stabilization at a residual strength ratio values). 

 

Collapse safety can be evaluated using fragility curves that describe the probability of 

collapse as a function of an intensity measure such as Sa/g (spectral acceleration at the first 

mode period of the structure (Ibarra and Krawinkler, 2005)). The counted collapse fragility 

function, as illustrated in Figure 8.4 for the prototype 4-story frame, is obtained by treating 

the collapse capacity data as a random sample, i.e., equally likely outcomes. A lognormal 

distribution is fitted to the counted fragility function in order to facilitate numerical and 

analytical calculations. Using the Boore et al. (1997) attenuation function the equal hazard 

spectrum for a 2% in 50 years probability of exceedence at the selected site is obtained. The 

steel frame has a first mode period of 1.32sec, for which the spectral acceleration from the 

equal hazard spectrum is 0.80g. The probability of collapse for this value of Sa(T1=1.32) is 

0.07. Based on recent studies on collapse assessment of structures (ATC-63) a probability 

of collapse of 10% appears to be an acceptable value at the 2/50 hazard level, i.e., the case 

study frame structure exhibits adequate collapse performance.  

 

8.3.3 Collapse Capacity of Prototype Frame Versus its 1:8 Scale Model 

 

As discussed in Chapter 6 (see Sections 6.6 and 6.7) the component deterioration 

parameters of the 1:8 scale model of the E-W moment resisting frame used as the primary 

case study in this research are quite different based on the Tables 6.1 and 6.9, which 

summarize the target deterioration parameters of components of the EW prototype frame 

and the model deterioration parameters of test Frame #1 used for the shaking table 

experiments. Particularly the plastic rotation capacity θp and post capping rotation capacity 

θpc are much larger in the model than in the prototype. The consequence is that the 

prototype frame structure is expected to have a smaller collapse capacity, and the question 
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is how much smaller. Since it was demonstrated in Section 7.6.5 that the response of the 

physical model and its collapse capacity are very well simulated analytically, the analytical 

model of the prototype can be used with confidence to predict prototype behavior using the 

target deterioration parameters listed in Table 6.1. 

 

In order to evaluate the effect of differences in component deterioration on the response and 

collapse capacity of the prototype frame structure, the analytical model of the prototype is 

subjected to the same ground motion sequence as test Frame #1 experienced in the shaking 

table tests. The achieved table motions from Testing Program #1 (see Section 7.4.1) are 

used for this purpose after scaling the time domain of the records by √8 in order to switch 

from model to prototype domain. The effect of cumulative damage from the sequential 

application of several ground motions is considered in the analysis. The following two 

cases are evaluated in the prototype domain: 

 

• Case #1: Prototype frame with target deterioration parameters (see Table 6.1) 

• Case #2: Prototype frame with model deterioration parameters (see Table 6.9) 

 

Figure 8.5 presents the “IDA” curves of these two analysis cases together with the “IDA” 

curve of the shaking table test series (denoted as “Model Frame #1-Experimental Data”). 

Shown with a dashed line in the same figure is the collapse capacity of the Case #1 analysis 

model without considering the effect of cumulative damage. The following observations are 

made from comparing the “IDA” curves: 

 

• The differences between the experimental response of the 1:8 scale physical model 

and the predicted response of the prototype with model deterioration parameters are 

noticeable but not large. These differences are attributed to (1) the plastic hinges in 

the model frame are not at exactly the same locations as in the prototype because of 

geometric constraints that were discussed in Section 5.3.1 and Section 6.3.4; (2) 2% 

Rayleigh damping has been assumed for the first and second period of the prototype 
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frame, and (3) the friction damping observed in the shaking table tests is not 

simulated in the prototype domain. 

 

• The difference in the collapse capacities of Frame #1 and the prototype (Case #1) is 

fully attributed to differences in the deterioration parameters of the plastic hinge 

regions.  

 

• The effect of cumulative damage decreases the collapse capacity of the prototype 

(Case #1) for the Canoga Park record from 1.65 to 1.45 (ground motion intensity 

multiplier). 

 

This correlation between analytical simulations and experimental data from the collapse test 

series discussed in Chapter 7 emphasizes the importance of accurate simulation of 

deterioration characteristics of structural components for collapse assessment of 

deteriorating structural systems. 

 

 

8.4 Kajima 15 story Building Model A 

 

The collapse capacity of a 15-story moment resisting steel frame that is a lateral load 

resisting unit of a Kajima Corporation design of a 15-story building (Model A) is evaluated 

based on the knowledge gained from the material discussed in previous chapters. The 

dimensions of the frame are presented in Figure 8.6. Sections and seismic weights used in 

the analysis are presented in Tables 8.1 and 8.2, respectively. One basic difference between 

a Japanese steel moment resting frame and a steel frame designed by US practice is the fact 

that many Japanese frames are constructed using tubular cross sections for the columns. 

 

The mathematical model used for the performance evaluation of the building model A is a 

model that includes shear deformation of joint panel zones using the model described in 



 

________________________________________________________________________________________ 
Chapter 8                                                                                                                                            Case Studies 

 322

Gupta and Krawinkler (1999). The thickness of the joint panel zone is assumed to be equal 

to twice the thickness of the column tube section. In order to simulate P-Δ effects a leaning 

column is used similar to the one discussed in Chapter 5 for the 4-story prototype building. 

The first mode period of the structure is 1.99sec. For the dynamic analyses of the building 

2% Rayleigh damping is assumed for the first and third mode (T3 = 0.387sec) of the 

building, since the first 3 modes cover the 90% of the modal mass of the building. 

 

8.4.1 Deterioration Modeling 

 

Modeling of deterioration parameters for elements of the Japanese building is based on 

information provided by the two databases that were developed for steel beams and tubular 

steel sections. The deterioration parameters for beams and columns of Model A are 

obtained from data of the steel W-sections database (ignoring composite action) and the 

tubular hollow square column database discussed in Chapter 3. These parameters are 

summarized in Tables 8.3 and 8.4. In order to determine the deterioration parameters for 

tubular steel columns the effect of dynamic axial force on the exterior columns in addition 

to the gravity force was considered. This additional axial force was estimated by (1) 

calculating the overturning moment at the base from yield base shear times 2/3rd of 

structure height (Bertero et al. 1984), (2) estimating the force in the first story exterior 

column from (maximum overturning moment)/(width of frame), and (3) reducing this force 

appropriately for the columns above the first story.  This dynamic axial force is 

superimposed on the gravity force in the columns. The moment rotation behavior for all the 

elements of the frame was modeled with a bilinear hysteretic response. 

 

8.4.2 Performance Evaluation 

 

Preliminary performance evaluation of the structure was done based on a nonlinear static 

analysis, as illustrated in Figure 8.7. The structure attains zero lateral resistance at about 

4.5% roof drift based on static pushover analysis. For dynamic analysis the set of ground 
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motions discussed in Section 8.1 is used. Incremental dynamic analysis, IDA (Vamvatsikos 

and Cornell 2002), is employed to determine the collapse capacity of the structure. IDA 

plots are presented in Figure 8.8 in which the spectral acceleration at the first mode period 

of the structure is plotted versus the roof displacement normalized with respect to the total 

height of the building. The collapse fragility curve for the set of 40 ground motions is 

illustrated in Figure 8.9. The median collapse capacity of the Japanese building is 1.30g. 

 

To illustrate engineering demand parameters (EDPs), such as interstory drift ratios (IDR) 

and roof displacement, from elastic range up to collapse, we focus on results from dynamic 

analysis using the Northridge 1994 Canoga Park earthquake record. Figure 8.10 shows the 

IDA curve for the selected record versus peak roof drift of the building, indicating that the 

last stable point for the given record is 2.10g. Figure 8.11 shows the peak interstory drift 

ratios along the height for five different levels of intensity. Yielding is concentrated in the 

beams of the first 12 floors and column bases. There was no indication of yielding in any of 

the panel zones. As can be seen from Figure 8.11, the drift profile changes somewhat as the 

structure transitions from elastic to inelastic behavior, and changes drastically as the 

structure approaches collapse (from Sa = 2.0g to Sa = 2.1g), i.e., when the drift amplifies 

greatly in the lower stories. At levels of intensity near collapse significant component 

deterioration is observed at the base columns and first three floor beams. 

 

It is not possible to make a direct comparison with U.S design practice, since there is no 

equivalent U.S. design of the 15-story building. But it is noted that a U.S. steel moment 

resisting frame building probably will have a significantly longer period and a smaller 

effective yield strength coefficient Vy/W. The implication for collapse is not evident since 

many variables enter in such a comparison, such as the backbone curve and cyclic 

deterioration parameters of the components of the structural framing. 
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8.5 E-Defense 4-story Steel Frame Structure 

 

A challenging test series conducted on the E-Defense shaking table in the Hyogo 

Earthquake Engineering Research Center in Japan was the collapse test of a full scale steel 

building (Kasai et al. (2007), Tada et al. (2007), Suita et al. (2007, 2008)) designed based 

on current Japanese seismic provisions. The 4-story building was two by one bays, with two 

moment frames in one direction and three in the other. Figures 8.12 to Figures 8.14 show 

the structural system in plan view and elevations in the north-south and east-west direction. 

A photo of the building on the E-Defense shaking table is shown in Figure 8.15. The 

information shown in Figures 8.12 to 8.15 was retrieved from the E-Defense website 

(https://www.blind-analysis.jp/index_e.html). Tables 8.5 and 8.6 summarize the section 

sizes of the building and its seismic weight per floor assumed for dynamic analysis, 

respectively. 

 

In order to predict the collapse capacity of the building a two-dimensional (2-D) analytical 

model of the two-bay frame (see Figure 8.13) in the y-direction (see Figure 8.12 for 

orientation) is developed. Half of the gravity load of the structure is applied as concentrated 

loads to the columns of the moment resisting frame. Fixed end moments are applied to all 

beams of the moment resisting frame using a distributed load as determined from half of the 

weight of the structure. To identify the model dimensions the centerline of each floor beam 

is considered as floor level. 

 

Based on elastic modal analysis the structure had a period of T1= 0.86sec., ignoring 

stiffness contributions from the exterior cladding. To account somewhat for the effect of the 

Autoclaved Aerated Concrete (AAC) cladding 3% Rayleigh damping was assumed for the 

first and second mode of the frame. 
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8.5.1 Composite Action 

 

The floor slab was considered for the estimation of stiffness and strength of the beams. 

Different equations are available in the literature for estimating the effective width of the 

floor slab (Brosnan and Uang. (1995), Plumier et al. (1998)) and for estimating the stiffness 

contribution from the slab under lateral loading. The effective width, B, of the exterior 

beam slab is estimated from 

 

 B = bf + 0.1L (8.1) 

 

Where bf is the flange width of the steel girder and L is the span of the girder. Using this 

definition for the effective width of the slab, the positive (slab in compression) and negative 

(slab in tension) effective moment of inertia is calculated using the approach proposed in 

Eurocode-8 (1998) assuming a cracked concrete section. For beams forming part of the 

perimeter moment resisting frames (exterior spans) the stiffness under compression is found 

to be about two times the stiffness of the bare steel beam. This ratio is very large compared 

to values reported by Gupta and Krawinkler (1999), but the factor of two in the stiffness is 

intentionally kept in order to account for the effect of exterior cladding on lateral stiffness 

of the structure. On the other hand beams are relatively shallow and the slab is thick relative 

to the beam depth. In the cases discussed by Gupta and Krawinkler the beams were deeper 

(primarily W24 to W36) in which case the slab has proportionally less effect on composite 

beam stiffness. The effective stiffness with the slab in tension was found to be very similar 

to the stiffness of the bare beam. 

 

8.5.2 Deterioration Modeling 

 

Modeling deterioration parameters for elements of the 2-bay frame was based on 

information provided by the two databases that were developed for steel beams and tubular 

HSS columns and on the component tests conducted in Japan with a symmetric loading 
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protocol prior to shaking table experimentation (see Figure 8.16 for a column tested under 

45 degree loading). A bilinear hysteretic model was assumed to represent beam and column 

elements of the steel frame. Modified stiffness coefficients were used to account for the 

flexibility of the elastic beam-column elements as proposed by Zareian (2006). In order to 

determine the deterioration parameters for tubular steel sections the effect of dynamic axial 

load on the exterior columns was considered in addition to gravity load. The same 

assumption that was discussed in Section 8.4 for the 15-story Kajima structure Model A 

was used in order to obtain the dynamic axial load effect on the exterior columns.  

 

The originally estimated θp and θpc values for tubular sections obtained from calibration of 

experimental results were reduced by 30% in order to account for the biaxial effect since a 

2-D instead of three dimensional (3-D) analysis was conducted. The estimated deterioration 

parameters were fairly close to the ones calibrated from the E-Defense test conducted with 

a column configuration rotated by 45o (See Figure 8.16). Additional information regarding 

the deterioration parameters, hardening parameters, and effect of cyclic hardening on the 

element of the frame was extracted from the databases discussed in Chapter 3. Tables 8.7 

and 8.8 summarize the assumed deterioration parameters for beams and columns for 

collapse assessment of the 4-story frame. 

 

8.5.3 Ground Motion and Testing Phases 

 

Time history analyses were conducted to evaluate response characteristics and their 

dependence on structural parameters. The north-south (NS) component of the Takatori 

record (FD Serial No. T065) was adopted for this purpose, since this one was used during 

the shaking table collapse series. The acceleration spectrum of the unscaled NS component 

is presented in Figure 8.17 for 2% damping. This ground motion was applied to the 

structure with the following sequence: (1) 40%, (2) 60% and (3) 100% intensity of Takatori 

unscaled motion. The deformed configuration of the frame was taken into consideration in 

the analytical modeling and dynamic analysis evaluation. Results of the post-test prediction 
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are summarized below using the achieved shaking table motions of the Takatori record 

provided by E-Defense (https://www.blind-analysis.jp/index_e.html). 

 

8.5.4 Static Pushover Analysis 

 

The 4-story frame was evaluated with the use of nonlinear static analysis. A triangular load 

pattern was applied to the frame. The frame collapsed at about 10% roof drift and the 

pushover analysis indicated that the collapse mechanism of the frame was a first story 

mechanism. The static pushover analysis of the 4-story frame is shown in Figure 8.18. 

Figure 8.19 shows the change in displacement profiles along the height of the frame 

normalized with respect to the height of the building at various roof drift levels based on 

pushover analysis. The figure indicates that the frame had a first story collapse mechanism. 

 

8.5.5 Dynamic Analysis Results – Comparison with Experimental Data  

 

8.5.5.1 Incipient Collapse Level (60% Takatori Record) 

 

After applying 40% of the unscaled Takatori record the structure remained elastic. During 

the 60% of the unscaled Takatori record (called “Incipient Collapse Level” in the testing 

phases by E-Defense) the maximum story drift ratio was about 2% at the bottom story. 

Figure 8.20 illustrates the peak story drift ratio along the height of the building based on 

experimental results (E-Defense (2007)). In the same figure the analytically predicted peak 

IDR is superimposed. As seen from the comparison with the experimental data the 

analytical model slightly overestimates the peak story drift ratios from second story up but 

correlates well with the measured IDR of the first story. 

 

A comparison between peak story shears and overturning moments (OTM) along the height 

of the 4-story structure as obtained analytically and experimentally is presented in Figures 

8.21 and 8.22. Both demand parameters are overestimated by the analytical model by about 
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25% at the base. One reason for the difference may be the assumption regarding the effect 

of dynamic axial load on deterioration parameters of the exterior tubular HSS columns 

since the dynamic axial load was assumed to be constant during the entire history. Another 

reason for differences between the measured and calculated story shear forces and 

overturning moments may be that the component strength deterioration is larger in the 

analytical model than the actual component deterioration. 

 

8.5.5.2 Collapse Level (100% Takatori Motion) 

 

When the structure was subjected to the 100% of the Takatori unscaled motion it collapsed 

6.24sec after the motion started (Suita et al. (2007, 2008)). The time based on the analytical 

prediction is 6.45sec. Based on test observations the structure had very little nonstructural 

damage prior to collapse. When the structure collapsed the ACC panels spalled 

significantly and failure was noted around the attachment. The motion was mostly in the 

NS direction and the biaxial effect was not significant. The structure collapsed with a first 

story mechanism that became clear late during the test. The collapse mechanism of the 

structure can be seen in Figure 8.23, which shows the structure resting on the impact frame 

support (“catching” mechanism) at about 20% first story drift. Plastic hinges formed at top 

and bottom of first story columns. Figure 8.24 illustrates severe buckling at the bottom of 

the exterior column at the base after the completion of the collapse test. Based on test 

observations local buckling was clearly visible around 2% story drift. 

 

Analytical prediction of the first story drift are shown in Figure 8.25 and the predicted base 

shear versus first story drift angle response is presented in Figure 8.26 Unfortunately at this 

time there are no detailed data available on the experimental response during the 100% 

Takatori motion. Thus, no comparison can be made with the  predictions shown in Figures 

8.25 and 8.26. 
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8.6 Collapse Assessment of Low-rise Buildings with Low Ductility 

 

This section is concerned with the quantification of the collapse potential of low-rise 

buildings constructed in higly seismic areas (e.g. Istanbul). Many of the vulnerable 

buildings have relatively poorly constructed concrete framing, which in part or fully is 

infilled with hollow clay or solid bricks.  Configurations are often irregular, and the quality 

of construction is very variable.  In many cases it is not clear how inertia forces find their 

way to the RC framing and how the wall forces and moments are transferred into the soil.  

These are additional complications, but the basic concept remains that in most practical 

cases the infilled frames are the primary lateral load resisting elements that have to transfer 

lateral loads into the soil.  

 

A basic challenge is to assess the strength and deformation capacity of these walls and to 

assess the collapse potential of buildings, given that the cyclic response characteristics of 

the lateral load resisting system are known.  The following discussion is a summary of 

information presented in Krawinkler and Lignos (2008). 

 

8.6.1 Experimental Observations – Frames with Infill Walls 

 

Many cyclic experiments have been reported in the literature on reinforced concrete frames 

with infill masonry, using either hollow clay brick or solid brick without and with retrofit 

techniques (reinforced concrete, solid or banded FRPs, and more recently sprayed on 

ECCs), e.g., (Mehrabi et al. 1994, 1996), (Karadogan 1998), (Wasti and Azcebe 2006), 

(Kyriakides and Billington 2008).  Almost all tests are in-plane, with load applied directly 

to the RC floor beams by means of actuators, and with the framing fixed to a rigid 

foundation.  For the time being it is assumed that such configurations represent actual 

buildings, i.e., the load-story drift responses of the test specimens do indeed represent the 

cyclic behavior of low-rise buildings. 
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An evaluation of the cyclic load–story drift (story displacement over story height) 

relationships of many of these experiments resulted in the following general observations: 

 

• Frames with infill walls are not brittle (except if the surrounding frame fails early in 

a brittle mode), i.e., the frame provides good confinement for the infill (conditioned 

that out-of-plane action is not important) 

• Yield strength and elastic stiffness are ambiguous quantities that can only be 

estimated with judgment 

• Envelopes of the cyclic response curves indicate that “yielding” is followed by 

strain hardening, a subsequent drop in strength, and strength stabilization at some 

residual value. 

• Unfortunately, most tests stopped way short of full loss of strength, which means 

that little information exists on the actual ultimate drift at which the strength drops 

to a negligible value.  But a drop of strength to very small values is rarely observed 

at story drifts of less than about 2%. 

 

Support for these observations can be found in Kyriakides and Billington (2008) and 

Mehrabi et al. (2004). Several calibrations were performed of the cyclic response of test 

specimen responses, utilizing the parameters of the modified Ibarra-Krawinkler model.  A 

typical example is shown in Figure 8.27 using the peak-oriented hysteretic model.  The 

information shown here, and data from many other in-plane experiments have been used to 

define a range of structural parameters that is believed to be representative of the response 

characteristics of infill wall structures. 

 

8.6.2 Parameter Study Employing Deteriorating SDOF Systems 

 

A parameter study was performed to assess the collapse potential of infill wall structural 

systems in order to provide preliminary information on the probability of collapse of infill 

wall systems and on the effectiveness of retrofit techniques in reducing this probability. 
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Only SDOF systems are used for this purpose; the assumption being that the primary 

concern is with low-rise construction in which higher mode effects are not very important 

and equivalent SDOF system can be used to represent dynamic behavior (this assumption 

eliminates structures with soft (weak) stories from consideration). 

 

8.6.3 Parameters of Structural Models 

 

Two central cases were created, a “low ductility” central case and a “high ductility” central 

case as shown in Figure 8.28. The central case parameters are circled and the variations 

around the central case values are partially illustrated in Fig. 8.28.  The fundamental 

differences between “low” and “high” ductility are the rotation capacity at capping point θc 

(θc = θy + θp) and θpc values, which are doubled from low to high ductility.  A strength 

variation (ny = Vy/W, in which Vy is the yield base shear and W is the total weight of the low 

rise structure) implies that the backbone curve is stretched in the vertical direction as 

illustrated in Figure 8.29 (dashed lines); it does not affect the deformation parameters.  

Somewhat arbitrary (because of the lack of information), but conceptually necessary, limits 

on the ultimate story drifts are set at 0.03 for the “low ductility” case and 0.04 for the “high 

ductility” case.  In all cases the cyclic deterioration parameter λ was set at a constant value 

of 100 (based on calibrations of experimental results, and in order to eliminate one of the 

less important parameter variations based on Ibarra and Krawinkler (2005)).  To assess the 

effect of residual strength, three cases were investigated; κ = 0 (no residual strength), κ = 

0.5, and horizontal post-capping slope until θu is attained (i.e., θpc = ∞). 

 

8.6.4 Response – Examples 

 

The importance of postulating an ultimate drift capacity, θu, is illustrated in Figure 8.30 for 

the “high ductility” central case with no post-capping stiffness deterioration. This case is an 

unlikely one, but it illustrates that the collapse capacity can be strongly affected by the 

existence of an ultimate drift capacity beyond which no reliance can be placed on the 
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resistance of the structural system.  The figure shows IDA curves based on the assumption 

that no drift limit exists. Sooner or later (in the illustrated case around 7% drift) collapse 

will occur one way or another because of cyclic deterioration and P-Δ effect.  But the 

ground motion intensity at which collapse occurs may depend strongly on the ultimate drift 

capacity, θu. If this capacity is only 3% (first vertical line), then the collapse capacity of the 

structural system is only about 2/3rd of that without a drift limit. 

 

8.6.5 Collapse Fragility Curves 

 

The bases for collapse assessment are the fragility curves derived from the response history 

analyses using the set of 40 ground motions discussed in Section 8.1. Typical collapse 

fragility curves obtained from the parameter study are presented in Figure 8.31 for the low 

and high ductility central cases with 50% residual strength and the three values of base 

shear yield strength ηy. Given that the mathematical model is correct and deterministic (as 

has been assumed so far) and that the ground motion frequency characteristics are 

representative for the site conditions for which the evaluation is done, the probability of 

collapse, as a function of base shear yield strength, can be read directly from these curves 

for a given value of spectral acceleration.   

 

Postulating that the design spectral acceleration (at a 10/50 hazard level) for short period 

structures is about 1.0g, it becomes evident that the collapse probability is high unless the 

base shear strength is very large.  In concept this is not a surprise for short period structures 

since in the short period range the inelastic drift demand is known to be much larger than 

the elastic drift demand.  But the quantification of this well known phenomenon in terms of 

the collapse probability is striking.  For the low ductility central case the probability of 

collapse decreases from about 95% to about 8% by increasing the base shear yield strength 

from 0.15W to 0.45W, and for the high ductility case it decreases from about 80% to 3%.  

From the same figures it is observed that a change of strength from 0.15W to 0.45W (factor 

of three) results in about the same change in median collapse capacity of the infill wall. 
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This shows that for short period structures the effect of yield strength is larger than the 

effect of ductility. 

 

The intrinsic value of fragility curves is that they provide a perspective of the collapse 

probability for all values of spectral acceleration.  Moreover, they can be utilized to assess 

the mean annual frequency (MAF) of collapse by integrating the fragility curve over the 

spectral acceleration hazard curve for a particular site.  This exercise was performed using a 

typical short period hazard curve for the Los Angeles area, resulting in the following 

information: 

 

For the high ductility cases the MAF of collapse is 0.0022, 0.00066, and 0.00014 for ny = 

0.15, 0.30, and 0.45, respectively.  For the low ductility cases the corresponding values are 

0.0047, 0.00125, and 0.00027, i.e., about twice as large as for the high ductility cases.  

These numbers show that for these short period structures strength is a much more relevant 

parameter than ductility. 

 

The hazard specific collapse probability and the MAF of collapse depend on aleatory and 

epistemic uncertainties.  Most of the aleatory uncertainty comes from the record-to-record 

variability, which is accounted for in the fragility curves shown in Figure 8.31 and is 

expressed by the β value (standard deviation of the log of the data) shown in the two 

graphs. The general observation is that the β value for aleatory uncertainties is on the order 

of 0.40 for all the cases investigated. 

 

8.6.6 Evaluation of Median (and 10-percentile) Collapse Capacity 

 

The variations of collapse capacity of infill wall systems with various system parameters 

are illustrated in Figures 8.32 and 8.33. In these figures a dotted horizontal line is drawn at 

Sa(T1)/g = 1.0 in order to provide a perspective with respect to design spectral acceleration 
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demands.  From the presented graphs, and others not shown here, the following general 

observations can be made:  

 

• Figure 8.32(a), which shows the effect of residual strength (κ) on median collapse 

capacity of low ductility systems for three different strength values, indicates that κ has 

some effect on the median collapse capacity but this effect is considerable only if the 

base shear yield strength (ny) is large.  The residual strength effect is not large because of 

the necessary assumption that the drift capacity is limited (to a value of θu = 0.03 for low 

ductility systems).  If future experiments will show that the drift capacity is larger, more 

benefit can be given to the residual strength effect.  The data for κ = 1.0 are given for 

reference but cannot be considered as realistic because a horizontal post-capping slope in 

the backbone curve is only wishful thinking. 

• Figure 8.32(b) shows the effect of yield strength (ny) on median collapse capacities of 

low ductility wall systems for three different values of residual strength (κ). The figure 

indicates that yield strength has by far the largest effect on the median collapse capacity. 

Since a 50% probability of collapse at the design level should be unacceptable, the 

conclusion is that the provided base shear yield strength should be larger than 0.30W, 

even if a 50% residual strength can be assured (the κ = 1.0 line is only for reference). 

• Figures 8.33(a) and 8.33(b) present median and 10-percentile collapse capacities for low 

and high ductility systems, in a similar format as Figure 8.32. As seen from Figure 

8.33(a), which shows the effect of residual strength on median collapse capacity of wall 

systems, it is concluded that κ does not affect by much the median collapse capacity 

(except for κ = 1.0), and does not vary by much between low and high ductility systems, 

as seen from the same figure. 

• Figure 8.33(b) illustrates the dominant effect of base shear yield strength.  The 

differences between low and high ductility are not very large, indicating that for these 

short period systems ductility considerations are not dominant (this does not imply that 

no attention needs to be placed to ductility, as some ductility is necessary in all cases).  

The figure also shows that an effective base shear yield strength of about 0.45W needs to 
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be provided (together with 50% residual strength) if the probability of collapse in a 

design event (Sa = 1g) is to be held below 10%. 

 

 

8.7 Collapse Assessment of Autoclaved Aerated Concrete Block Masonry Units 

 

AAC is a lightweight cementitious material with a closed cellular structure, made of 

cement, sand, lime, water, and possibly other materials such as fly ash. After initial curing, 

it is cured in an autoclave (Tanner, 2003). Compared to other (clay and concrete) masonry 

units, is of low density and low strength.  It can be used to construct walls and floor 

systems, and possibly also for columns and beams.  AAC is being used in many countries 

as a building material for single family and multi-unit residences and other buildings. 

Typical material properties for AAC can be found from Valera (2003). The following 

discussion is based on research by Krawinkler et al. (2005) as part of the ATC-63 project. 

 

Two case study structures were developed in order to predict collapse fragility curves for 

representative AAC structures. The case study structures are based on an experimental 

program that was conducted at the University of Texas at Austin (Brightman, (2000), 

Tanner et al. (2005)). In this case study emphasis is on wall specimens 15a and 15b in terms 

of experimental data and on the 2-story assemblage specimen (see Figures 8.34(a) and 

8.34(b)).  These specimens were selected because they were described as having failed in a 

flexural mode. Most of the other specimens did fail in shear. Dimensions, reinforcement, 

and axial loads are summarized in Tanner, (2003). Based on the same study by Tanner the 

concrete strength of AAC is f'AAC =1140psi, the modulus of elasticity E = 462 ksi and the 

yield strength of reinforcement fy= 75 ksi. Properties of the two case studies are 

summarized in Table 8.9. 
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8.7.1 Calibration of Moment-Rotation Relationship for Specimens 15a and 15b (Case 

1) 

 

A comparison of measured and predicted (from the calibration) base shear– drift 

relationships for Specimens 15a and 15b is shown in Figure 8.35.  It is noted that the test of 

Specimen 15a was terminated before severe deterioration was evident, and that the 

reliability of the largest cycle of the Specimen 15b test is of some debate since a large 

increase in displacement amplitude was used from cycle to cycle in the loading protocol, 

which typically is not the case in a standard symmetric loading protocol.  For this reason 

two models were developed, one exhibiting very slow post-capping deterioration and called 

the optimist’s model in which θpc = 10θp and the other exhibiting very rapid post-capping 

deterioration and called the pessimist’s model in which θpc = 0.5θp.  Relevant calibration 

parameters are shown on the same graphs. It is important to point out that the same model 

parameters are used for both Specimens 15a and 15b, i.e., the objective was to find model 

parameters that fit both tests, which is always a compromise. Considering this constraint, it 

is noteworthy that the model fits both tests rather accurately, with the exception of the 

pessimist’s model for Specimen 15b. 

 

The calibrations indicate a rather large ductility “capacity”, but this may not be very 

relevant because this perception is based on a very large elastic stiffness. The plastic 

rotation capacity at the plastic hinge location (base of structure) is only 0.0058. 

 

In specimen 15b the last cycle (with amplitude of about 1.4”) is not reproduced in the 

model with rapid deterioration.  First, it is not in line with expected behavior from specimen 

15a, and second, it possibly is affected by the inability of the gravity load maintainers to 

maintain a constant axial force of 25 kips (see specimen 16 in Tanner, 2003). Thus, the 

model with rapid deterioration constitutes a model with low “toughness”.  The model with 

slow post-capping deterioration can reproduce the large displacement cycle.  It constitutes a 

model with high “toughness”. Based on experimental data from Tanner, (2003) the assumed 
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base shear for case 1 is 1.06, the natural periods for case study 1 are T1 = 0.135sec and T2 = 

0.03sec and the mass participation factors are M1 = 0.83 and M2 = 0.17. The values are 

based on the calibrated values of stiffness from Figure 8.35a.  

 

8.7.2 Calibration of Moment-Rotation Relationship for Assemblage Specimen (Case 2) 

 

A comparison of measured and predicted (from the calibration) base shear– drift 

relationships for the Assemblage Specimen is shown in Figure 8.36. Also here two models 

are developed, the optimist’s model in which θpc = 10θp, and the pessimist’s model in 

which θpc = 0.5θp, even though in this case reality (the severe vertical cracking in wall 

flanges and web) clearly supports the pessimist’s perspective. 

 
For this case, the data indicate no strain hardening and more rapid deterioration than in 

Case 1.  The ductility “capacity” is even larger than in Case 1, and the plastic rotation 

capacity is somewhat larger than in Case 1 (θp = 0.0075 versus 0.00584).  In part, this 

plastic rotation capacity does not completely represent reality because the assemblage was 

modeled only by flexural elements, i.e., the large sliding at the base is included in the 

plastic hinge rotation. Using the calibrated values of elastic stiffness from Figure 8.36, the 

dynamic properties for case study 2 are T1 = 0.12sec and T2 = 0.026sec and the mass 

participation factors are M1 = 0.80 and M2 = 0.20. The assumed base shear coefficient for 

case study 2 is 1.12. 

 

8.7.3 Ground Motions and its Scaling 

 

The latest version of the ATC-63 set of 44 non-near fault ground motions (Set C) was used 

for this purpose. Two “scaling” methods for the set of ground motions are considered in the 

IDA analysis. One is the standard ATC-63 scaling method (scale factors by Haselton and 

Deierlein (2006)).  The other scaling method focuses on the short period range and scales 

all records to a common Sa value at the period of 0.2 sec. 
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8.7.4 IDA Curves to Collapse 

 

The results of the incremental dynamic analyses are shown in Figures 8.37 and 8.37 for 

both cases and for the optimist’s and pessimist’s model.  In all four plots the intensity 

measure on vertical axis is the spectral acceleration at 0.2 sec., Sa(0.2). This is merely a 

reference IM, which for each ground motion can easily be converted to other intensity 

measures (such as the ATC-63 spectral value at 1.0 sec.) by a simple transformation. It is 

noted that most IDA curves are close to bilinear, i.e., they show a long elastic range 

(relationship between roof drift and ground motion intensity is linear) and then bend over 

and approach dynamic instability rather rapidly.  This is not uncommon for short period 

structural systems. 

 

8.7.5 Collapse Fragility Curves for Base Cases 

 

The collapse fragility curves obtained from the IDA curves are shown in Figures 8.39 and 

8.40. Each one of the figures shows the collapse fragility curves for the optimist’s and the 

pessimist’s model and the base case structural properties as defined before (γ = 1.06 and 

1.12 for cases 1 and 2, respectively). The first two figures use the Sa(1.0) (ATC-63 scaling) 

as the intensity measure, and the last two figures use Sa(0.2) as the intensity scale. The 

following observations are made from these figures given that yield base shear coefficient γ 

= Vy/W is larger than 1.0 in all cases and the “code based” MCE level is 0.68. 

 

• The optimist fares only slightly better than the pessimist, particularly in the lower 

portion of the fragility curves. 

• The fragility curves for the two cases are rather similar even though they are based 

on two very different test specimens. 

• For direct comparison of the fragility curves for ATC-63 scaling and Sa(0.2) scaling 

the IM values of Figure 8.39 should be multiplied by about 2.2. Once this is done, it 
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becomes evident that the scaling method has relatively little effect on the median 

collapse intensity. 

• The large median values give the perception that there is large collapse safety. But 

this may be misleading because both test cases have a yield base shear coefficient 

larger than 1.0 (1.06 and 1.12 for Cases 1 and 2, respectively). 

• On the optimist’s side it should be noted that the ratio of Sas/Sa1 for the selected 

records is about 2.22, which is much larger than the design spectral ratio of 1.67. It 

can be argued that the values on the IM axis should be increased by the ratio 

2.22/1.67 = 1.33. 

• The dispersion is on the order of 0.4 for the ATC-63 scaling and 0.25 for the Sa(0.2) 

scaling. The latter dispersion is rather small and is attributed to the common spectral 

acceleration scaling at 0.2 sec. period and the fact that the inelastic response of short 

period structures is not very sensitive to the value of Sa(T1)/(γ.g) once the system 

has yielded. 

 

 

8.8 Collapse Assessment of an Reinforced Adobe Wall with Polymer Mesh 

 

This section is concerned with the quantification of probability of collapse of an adobe wall 

reinforced with polymer mesh, an emerging technique to improve the seismic behavior of 

simple adobe walls that historically behave very poorly in earthquakes. Poor masonry, low 

wall density, poor foundation or wall base, heavy roof are some of the reasons that lead to 

collapse of adobe structures based on previous studies by Torrealva, (2003) and Maheri, 

(2005) . The experimental data used in this case study are based on tests conducted in 2007 

at the Pontificate Catholic University of Peru (PUCP). For more information regarding the 

experimental data see Hulburd, (2008)). 
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8.8.1 Seismic Characteristics of a Representative Adobe Dwelling 

 

In order to estimate the lateral load resistance of a representative adobe house an idealized 

dwelling was created in which the shear wall was assigned the properties obtained from the 

tests of the reinforced wall specimen D1 (see Hulburd, 2008). Figure 8.41 shows the 

calibrated load-story drift response of specimen D1. A peak-oriented hysteretic response 

has been used and the modified Ibarra-Krawinkler model has been utilized. 

 

Figure 8.42 shows an isometric view of the idealized adobe dwelling. All wall thicknesses 

are assumed to be 0.50m.  The main concern is modeling the central transverse wall and its 

tributary area, because it is reasonably well represented by the wall specimen tested at 

PUCP. Assuming an adobe density of 1700 kg/m3 and that the roof’s weight comes mostly 

from a 0.30m thick mud covering, the total weight tributary to the central shear wall is 

about 320 kN. Based on experimental data the maximum shear stress is 47.6 kPa (6.9 psi) 

in the unreinforced wall and 95.8kPa (13.9 psi) in the reinforced wall. Using the wall 

dimensions shown in Figure 8.42 and the wall shear strength data the base shear “yield” 

coefficient of the reinforced and unreinforced cases is 0.70 and 0.37, respectively. 

 

8.8.2 Collapse Fragility Curve for the Dwelling with Reinforced Walls 

 

Figure 8.43 shows IDAs obtained by subjecting the analytical model of the reinforced case 

of the structure to the set of 40 ground motions discussed in Section 8.1. From this figure 

the median collapse capacity of the reinforced adobe wall is 2.9g. 

 

Figure 8.44 shows the collapse fragility curve for the dwelling with reinforced walls 

assuming a log-normal cumulative distribution function fitted to the data points. To put the 

values of the fragility curve shown in Figure 8.44 into perspective with actual earthquake 

hazards, a value Sa of 1.5g is a good estimate for the maximum considered earthquake 

ground motion in California and Peru. 
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From the fragility curve presented in Figure 8.44 it can be seen that the probability of 

collapse at a ground motion intensity Sa = 1.5g is only about 0.05. This is indeed a low 

probability of collapse, which is comparable to the tolerable probability of collapse for 

which modern buildings in California are designed. This demonstrates that reinforcement of 

adobe walls with polymer mesh is very effective in protecting adobe housing from collapse, 

provided that other collapse modes, such as out-of-plane failures and roof collapse are also 

prevented. 

 

In contrast, if no wall reinforcement is provided, the representative adobe dwelling would 

have a base shear strength coefficient of 0.37 and very little, if any, inelastic deformation 

capacity. In such a case the probability of collapse at a spectral acceleration of 0.37g is very 

high (as compared to the low probability of collapse at Sa = 1.5g for the reinforced 

dwelling). Unfortunately, a spectral acceleration of 0.37g can be expected in moderate 

earthquakes with a return period on the order of 100 years. 

 

 

8.9 Summary and Conclusions 

 

In this chapter an array of application studies were discussed in which the approach to 

collapse prediction that takes advantage of knowledge gained from previous chapters of this 

research was exercised. Three frame structures that were designed based on current US 

(prototype 4-story office building discussed in Chapter 5) and Japanese seismic provisions 

(15-story model A designed by Kajima corporations and E-Defense 4-story building) and a 

number of other case study structures related to dynamic behavior of infill walls and 

reinforced adobe walls were analyzed. A case study related to the collapse assessment of 

Autoclaved Aerated Concrete (AAC) block masonry units was also summarized.  
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Using the 4-story prototype moment resisting frame and experimental results from Chapters 

6 and 7 concerned with a 1:8 scale model of the same prototype frame, the significance of 

deterioration parameters on collapse capacity of the prototype frame was demonstrated 

using the testing sequence from the shaking table collapse tests at Buffalo for Frame #1 

discussed in Chapter 7. The effect of the differences between the deterioration model 

parameters for the test frame and the prototype structure was assessed and quantified. The 

conclusion is that the scale model frame is not the most accurate representation of the 

prototype frame, but the model served its intended purpose of providing a comprehensive 

set of data of a shaking table experiment that subsequently was used to validate analytical 

response predictions. 

 

Based on the collapse assessment of the 15-story moment resisting frame designed by 

Kajima corporations and the 4-story prototype building that was described in Chapter 5 it 

was shown that global collapse of these frames is not overly sensitive to the ultimate 

deformation capacity θu and residual strength ratio values κ  

 

The approach to collapse prediction was demonstrated on the recently conducted shaking 

table collapse experiment of a 4-story building at the E-Defense shaking table. Analytical 

simulations of a two dimensional model of one of the two moment resisting frames of the 4-

story building and comparisons with experimental results showed that the predicted 

response in terms of maximum story shear forces and overturning moments is 

underestimated by about 25%, indicating that the assumed component strength and 

deterioration parameters do not accurately represent the actual ones particularly near 

collapse.  

 

Based on a parametric study of the deterioration parameters of non-ductile structural 

systems consisting of frames with infill walls it was shown that the base shear strength (ny) 

controls the collapse capacity of this type of short period structural systems, since an 

increase in ny by a factor of three causes an equal increase in the median collapse capacity 
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regardless the assumed residual strength (κ). Doubling the ductility capacity of the infill 

wall does not increase the median collapse capacity by more than 25%. Residual strength 

increases the collapse capacity of infill walls somewhat (an increase of 20% of the median 

collapse capacity is attained with an increase of κ from 0.0 to 0.50) but it is not a dominant 

factor because second order effects and ultimate drift capacity will dominate once the drift 

demand exceeds the capping value. 

 

Collapse assessment of a representative adobe dwelling with walls reinforced with polymer 

mesh based on available experimental data from cyclic tests indicated that such polymer 

mesh reinforcement can be very effective in reducing the collapse potential of adobe 

houses. If applied properly and if collapse modes related with out-of-plane failures and roof 

collapse are prevented, such reinforcement may reduce the probability of collapse of adobe 

houses to a level commensurate with that expected from designs performed according to 

modern codes. 
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Table 8.1.  Beam and column sections (Model A, units are in mm) 

Beam (SM490) Column (SM490) 
Floor G1 G2 Story C1 C2 

R H-700x200x9x19 H-700x200x9x19 15 RHS-525x11 RHS-525x16 

15 H-700x200x9x19 H-700x200x9x19 14 RHS-525x11 RHS-525x16 

14 H-700x200x9x19 H-700x200x9x19 13 RHS-525x11 RHS-525x16 

13 H-700x200x9x19 H-700x200x9x19 12 RHS-525x11 RHS-525x16 

12 H-700x200x9x19 H-700x200x9x19 11 RHS-525x16 RHS-525x22 

11 H-700x200x9x19 H-700x200x9x19 10 RHS-525x16 RHS-525x22 

10 H-700x200x9x19 H-700x200x9x19 9 RHS-525x16 RHS-525x22 

9 H-700x200x9x19 H-700x200x9x19 8 RHS-525x16 RHS-525x22 

8 H-700x250x9x19 H-700x250x9x25 7 RHS-525x16 RHS-525x22 

7 H-700x250x9x19 H-700x250x9x25 6 RHS-525x16 RHS-525x22 

6 H-700x250x9x19 H-700x250x9x25 5 RHS-525x22 RHS-525x25 

5 H-700x250x9x19 H-700x250x9x25 4 RHS-525x22 RHS-525x25 

4 H-700x250x9x25 H-700x250x9x25 3 RHS-525x22 RHS-525x25 

3 H-700x250x9x25 H-700x250x9x25 2 RHS-525x22 RHS-525x25 

2 H-700x250x9x25 H-700x250x9x25 1 RHS-525x22 RHS-525x25 
 

Table 8.2.  Weights per floor for Model A 

Floor 
Total weight assigned per 

floor of the frame 
(kN) 

R 1700 
15 1135 
14 1135 
13 1135 
12 1135 
11 1135 
10 1135 
9 1135 
8 1135 
7 1135 
6 1135 
5 1135 
4 1135 
3 1135 
2 1135 
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Table 8.3.  Deterioration parameters for tubular sections of Model A including the effect of 
dynamic axial load in addition to gravity load 

Column: M c /M y θ p,C1 θ p,C2 θ pc,B1 θ pc,B2 Λ  C1 Λ  C2 κ
15 1.1 0.011 0.016 0.148 0.208 0.21 0.54 0.3
14 1.1 0.011 0.015 0.132 0.185 0.19 0.49 0.3
13 1.1 0.012 0.015 0.118 0.165 0.17 0.44 0.3
12 1.1 0.011 0.014 0.105 0.147 0.15 0.4 0.3
11 1.1 0.015 0.02 0.156 0.215 0.42 0.92 0.3
10 1.1 0.014 0.02 0.143 0.198 0.39 0.85 0.3
9 1.1 0.014 0.019 0.132 0.182 0.36 0.79 0.3
8 1.1 0.014 0.019 0.121 0.167 0.33 0.73 0.3
7 1.1 0.013 0.018 0.111 0.154 0.31 0.67 0.3
6 1.1 0.013 0.018 0.102 0.141 0.28 0.62 0.3
5 1.1 0.018 0.02 0.146 0.164 0.64 0.82 0.3
4 1.1 0.014 0.019 0.082 0.152 0.34 0.76 0.3
3 1.1 0.013 0.019 0.064 0.141 0.25 0.7 0.3
2 1.1 0.011 0.013 0.048 0.054 0.17 0.22 0.3
1 1.1 0.009 0.011 0.036 0.04 0.11 0.14 0.3  

 
Table 8.4.  Deterioration parameters for steel beams of Model A 

Beam at Floor M c /M y θ p,Beam θ pc,Beam Λ
15 1.05 0.023 0.125 0.62
14 1.05 0.023 0.125 0.62
13 1.05 0.023 0.125 0.62
12 1.05 0.023 0.125 0.62
11 1.05 0.023 0.125 0.62
10 1.05 0.023 0.125 0.62
9 1.05 0.023 0.125 0.62
8 1.05 0.023 0.125 0.62
7 1.05 0.023 0.129 0.64
6 1.05 0.023 0.129 0.64
5 1.05 0.023 0.129 0.64
4 1.05 0.023 0.129 0.64
3 1.05 0.023 0.129 0.64
2 1.05 0.023 0.129 0.64
1 1.05 0.023 0.129 0.64  

 
Table 8.5.  Section members for E-Defense 4-story structure (units in mm) 

Beam (SN400B) Column (BCR295)
Floor G1 G11 G12 Story C1, C2 

R H-346x174x6x9 H-346x174x6x9 H-346x174x6x9 4 RHS-300x9 
4 H-350x175x7x11 H-350x175x7x11 H-340x175x9x14 3 RHS-300x9 
3 H-396x199x7x11 H-400x200x8x13 H-400x200x8x13 2 RHS-300x9 
2 H-400x200x8x13 H-400x200x8x13 H-390x200x10x16 1 RHS-300x9 
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Table 8.6.  Seismic weight per floor for E-Defense 4-story moment resisting frames 

Floor 
Total weight assigned per 

floor of the frame 
(kN) 

R 339.75 
4 262.25 
3 260.50 
2 262.75 

 
Table 8.7.  Deterioration properties for beams of E-Defense 4-story frame 
Floor Beam 

Location θp
+ θp

- θpc Λ κ 

Roof interior joint 0.03 0.015 0.25 1.00 0.40 
Roof exterior joint 0.03 0.03 0.25 1.00 0.00 

4 interior joint 0.03 0.015 0.25 1.00 0.40 
4 exterior joint 0.03 0.03 0.25 1.00 0.00 
3 interior joint 0.03 0.015 0.25 1.00 0.40 
3 exterior joint 0.03 0.03 0.25 1.00 0.00 
2 interior joint 0.03 0.015 0.25 1.00 0.40 

2 exterior joint 0.03 0.03 0.25 1.00 0.00 

 
Table 8.8.  Deterioration properties for columns using 45 degrees configurations 

Story θp
+ θp

- θpc Λ κ 
4 exterior 0.0105 0.011 0.18 0.60 0.40 
4 interior 0.0105 0.011 0.18 0.60 0.40 
3 exterior 0.0105 0.011 0.18 0.60 0.40 
3 interior 0.0070 0.007 0.18 0.40 0.40 
2 exterior 0.0053 0.005 0.14 0.60 0.30 
2 Interior 0.0035 0.004 0.12 0.40 0.40 
1 exterior 0.0053 0.005 0.14 0.60 0.30 
1 Interior 0.0035 0.004 0.12 0.40 0.40 

 
Table 8.9. Basic parameters for cases 1 and 2 (AAC) 

Thickness Length Story 
height Gravity W Base Shear

t  (in) L  (in) (in) (kips) V y  (kips)*
1 10 112 92.4 12.5 26.5 1.06
2 10 250 96 60.4 136 1.12

Case Base shear 
coeff. γ

 
*The gravity load is assumed to be lumped and are the same at both floor levels of structure 



 

________________________________________________________________________________________ 
Chapter 8                                                                                                                                            Case Studies 

 347

Pushover Curve of Prototype E-W frame M2-model
N=4, γ=0.20, P-Delta, DL, T1 = 1.32sec
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Figure 8.1.  Pushover curve for EW perimeter 4-story moment resisting frame 

 

 
Figure 8.2.  Collapse mechanism for EW perimeter 4-story moment resisting frame based 

on static pushover analysis at 8% roof drift 
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IDA curves for EW prototype frame
N=4, T1=1.32sec, M2-Model, P-Delta, Deterioration

0.00

0.50

1.00

1.50

2.00

2.50

3.00

3.50

0.00 0.02 0.04 0.06 0.08

Roof Drift (%)

Sp
ec

tr
al

 A
cc

el
.  

S a
(g

)

IDA curves for EW prototype frame
N=4, T1=1.32sec, M2-Model, Deterioration, P-Delta 
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(a) Sa(T1)/g versus roof drift  (b) Sa(T1)/g versus maximum story drift ratio 

 
Figure 8.3.  IDA plots for the EW 4-story moment resisting frame of the prototype building 

using a set of 40 ground motions 
 

Empirical Fragility Curves For Prototype EW-Frame 
N=4, γ=0.20, T1=1.32sec, M2-Model, No Flag-Pole
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Figure 8.4.  Fragility curve for the EW 4-story moment resisting frame of the prototype 
building using the set of 40 ground motions 
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Comparison of Physical IDA curves 
EW Prototype Frame vs Model Frame #1
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Figure 8.5.  Comparison between “IDA” curves of EW 4-story moment resisting frame of 

the prototype building and model Frame #1 using the Canoga Park record 
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Figure 8.6. Kajima building Model A, basic dimensions 
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Model Building A: Pushover Curve 
T1=1.99sec, ζ=2%,N=15, γ=0.24, P-Delta, Μ2-Model
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Figure 8.7. Pushover curve for 15- story Japanese building Model A 

IDA curves for Japanese Building Model A
N=15, T1=1.99sec, M2-Model, P-Delta, Deterioration

0.00

0.50

1.00

1.50

2.00

2.50

3.00

3.50

0.00 0.02 0.04 0.06 0.08

Roof Drift (%)

S a
(T

1,5
%

)/g

 
Figure 8.8. IDA plots for Model A for the set of 40 ground motions  
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Empirical Fragility Curve For Japanese Building Model A
 N=15, γ=0.24, T1=1.99sec, M2-Model, P-Delta, Deterioration
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Figure 8.9.  Collapse fragility function of Model A based on the set of 40 ground motions 

Model Building A: IDA Curve
T1=2.01sec, ζ=2%,N=15, γ=0.24, P-Delta, Μ2-Model
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Figure 8.10.  IDA plot for Model A using Canoga Park record 
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Model Building A: Interstory Drifts Over The Height 
T1=1.99sec, ζ=2%,N=15, γ=0.24, P-Delta, Μ2-Model
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Figure 8.11.  Peak IDR for Model A for various levels of intensity using Canoga Park 

record up to incipient collapse 
 

 
Figure 8.12.  Plan view of 4-story building tested in the E-Defense facility (information 

from https://www.blind-analysis.jp/index_e.html) 
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Figure 8.13.  North-South elevation view of the 4-story building tested in the E-Defense 

facility (information from https://www.blind-analysis.jp/index_e.html) 
 

 
Figure 8.14.  East-West elevation view of the 4 story building tested in the E-Defense 

facility (information from https://www.blind-analysis.jp/index_e.html) 
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Figure 8.15.  E-Defense 4 story building after completion of construction on the shaking 

table (picture courtesy of Hyogo Earthquake Engineering Research Center) 
 

 
Figure 8.16.  Calibration of moment rotation diagram for tubular column section at 45 

degrees (data from E-Defense 2007, https://www.blind-analysis.jp/index_e.html) 
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Spectral Acceleration of Hyogoken-Nanbu 
Earthquake, Takatori  NS for 2% damping
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Figure 8.17.  Spectral acceleration for 2% damping of Hyogoken – Nambu earthquake, 

Takatori NS component 
E-Defense-4-Story Building: Pushover Curve 

T1=0.86sec, ζ=3%,N=4, γ=0.45, P-Delta, Μ2-Model
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Figure 8.18.  Pushover curve for E-Defense 4-story structure 
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E-Defense: 4-Story Building: Displacement Profiles 
T1=0.86sec, ζ=3%,N=4, γ=0.45, P-Delta, Μ2-Model
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Figure 8.19.  Displacement profiles of the E-Defense 4-story structure along the height 

based on pushover analysis 
 

 

Incipient Collapse Level: Peak IDR 
T1=0.86sec, ζ=3%,N=4, γ=0.45, P-Delta, Μ2-Model
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Figure 8.20.  Comparison of peak story drifts along the height of the 4-story structure 

during 60% Takatori motion (Incipient Collapse Level) 
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E-Defense: 4-Story Building: Peak Story Shear Forces 
T1=0.86sec, ζ=3%,N=4, γ=0.45, P-Delta, Μ2-Model
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Figure 8.21.  Comparison of peak story shears of the 4-story structure during 60% Takatori 

motion (Incipient Collapse Level) 
 

 

E-Defense: 4-Story Building: Peak Overturning Moments 
T1=0.86sec, ζ=3%,N=4, γ=0.45, P-Delta, Μ2-Model
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Figure 8.22.  Comparison of peak overturning moments of the 4-story structure during 60% 

Takatori motion (Incipient Collapse Level) 
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Figure 8.23.  First story collapse mechanism of the 4-story structure 
 

 
Figure 8.24.  Local buckling at the base exterior column after the end of the collapse test 

(100% Takatori motion) 
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E-Defense: History of 1st Story Drift Angle
T1=0.82sec, ζ=3%,N=4, γ=0.45, P-Delta, Μ2-Model

Bilinear Model, Collapse Level
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Figure 8.25.  Analytical prediction of first story drift angle of the 4-story structure at 100% 

Takatori motion 
 

 
Figure 8.26.  Analytical prediction of base shear – 1st story drift angle of the 4-story 

structure during 100% Takatori motion 
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Figure 8.27.  Matching a cyclic response with the Ibarra-Krawinkler deterioration model 

(data from Mehrabi, 1996) 
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(b) “high ductility” 

 
Figure 8.28.  “Low ductility” and “high ductility” central cases with parameter variations 
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Figure 8.29.  Generic backbone curve for infill wall systems, with parameter variations 

 

 
Figure 8.30.  Effect of ultimate drift limit on collapse capacity, horizontal post-capping 

slope 
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Fragility Curves: "Low Ductility" Central Case 

κ=0.50, θy=0.002, θp=0.004, θpc=0.006, λ=100, θult=3%
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(a) low ductility 

 
Fragility Curves: "High Ductility" Central Case 

κ=0.50, θy=0.002, θp=0.010, θpc=0.012, λ=100, θult=4%
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(b) high ductility 

Figure 8.31.  Collapse fragility curves for low and high ductility central cases with 50% 
residual strength; variation in base shear yield strength ny 
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Median Collapse Capacity vs Residual Strength κ
"Low Ductility": θy=0.002,  θp=0.004, θpc=0.006, 

Fc/Fy=1.10, λ=100, θult=3%
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 (a) Effect of residual strength (κ) on (b) Effect of yield strength (ηy) on 
 median collapse capacity, low ductility, median collapse capacity, low ductility, 
 ny  = 0.15, 0.3, and 0.45 κ = 0.0, 0.5, and 1.0 
 

Figure 8.32.  Effect of various parameters on median collapse capacity for low ductility 
cases 
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 (a) Effect of residual strength (κ) on (b) Effect of yield strength (ηy) on  

 median and 10-percentile Collapse median and 10- percentile collapse 
 capacity low and high ductility, ny  = 0.3 capacity, low and high ductility κ = 0.5 
 

Figure 8.33.  Effect of various parameters on median and 10-percentile collapse capacity 
for low and high ductility cases 
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(a) Test Specimen 15(Tanner, 2003) and equivalent two-story building configuration for 

case 1 
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(b) Two-story building configuration represented by UT Austin Assemblage Specimen 

(Tanner, (2003)) 
 

Figure 8.34.  Test configurations for AAC case studies used for collapse assessment 
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(a) specimen 15a 

 
(b) specimen 15b 

Figure 8.35.  Comparison of measured and predicted responses, UTA Specimens 15a and 

15b 
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Figure 8.36.  Comparison of measured and predicted responses, UTA Assemblage 

Specimen 

Maximum Roof Drift IDA Curves
2-story AAC shear wall CASE 1, T1 = 0.135 sec., θpc = 0.5θp

0

1

2

3

4

5

0 0.002 0.004 0.006 0.008 0.01
Roof Drift

Sa
(0

.2
)/g

Individual GM

Median

Maximum Roof Drift IDA Curves
2-story AAC shear wall CASE 1, T1 = 0.135 sec., θpc = 10.0θp

0

1

2

3

4

5

0 0.002 0.004 0.006 0.008 0.01
Roof Drift

Sa
(0

.2
)/g

Individual GM

Median

 
Figure 8.37.  IDA curves to collapse, Case 1, (a) pessimist‘s model, (b) optimist’s model 
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Figure 8.38.  IDA curves to collapse, Case 2, (a) pessimist‘s model, (b) optimist’s model 
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Collapse fragility curves
2-story AAC shear wall CASE 1, T1 = 0.135 sec.
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 (a) (b) 
Figure 8.39.  Collapse fragility curves, ATC-63 scaling of ground motions, optimist’s and 

pessimist’s model; (a) case study 1, (b) case study 2 
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 (a) (b) 
Figure 8.40.  Collapse fragility curves, Sa(0.2) scaling, optimist’s and pessimist’s model; (a) 

case study 1, (b) case study 2 
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Figure 8.41.  Calibration of load-story - drift response using the PUCP reinforced wall test 

D1 

 
Figure 8.42.  Isometric view of idealized adobe dwelling (figure by Hulburd, 2008) 
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Figure 8.43.  IDAs for the analytical model of the reinforced adobe dwelling 
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Figure 8.44.  Collapse fragility curve for reinforced adobe dwelling 
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CHAPTER 9 

SUMMARY AND CONCLUSIONS 
 
_________________________________________________________________________ 

 
 

The primary objective of this research is to advance, through analytical and experimental 

research, knowledge on collapse assessment of structural systems. The focus is on sidesway 

collapse of frame structures in which a specific story, or a series of stories, displaces 

sufficiently so that second order P-delta effects fully offset the first order shear resistance 

and dynamic instability occurs. The effect of component deterioration that accelerates 

sidesway collapse of structural systems is of primary interest in this research. Reliable 

prediction of collapse still has many hurdles to overcome, but the goal to improve the state 

of knowledge on how to predict the collapse capacity of deteriorating structural systems is 

achieved. In the subsequent sections the major results of this research are summarized. 

 

 

9.1 Development of Databases of Structural Elements 

 

In order to provide supporting information for modeling of structural component behavior 

under monotonic and cyclic loading, one of the goals of this research is to deliver an 

extensive collection of worldwide data on component experiments in a consistent format. 

For this purpose three databases for components made of steel and reinforced concrete are 

developed. The first database (steel W-sections database) includes data for more than 300 

steel wide flange beams and a small number of wide flange columns. The second database 

includes 113 steel tubular sections with a wide range of applied axial load used primarily in 

Japanese construction. The third database includes 200 reinforced concrete beams and 

columns with low axial load that fail in a flexural mode. The goal of the databases 
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development effort is to model deterioration of structural components under different 

loading histories and evaluate analytical models and their capabilities for modeling all 

important modes of deterioration. An extensive calibration process of several hundreds of 

tests, discussed in Chapter 3, has resulted in the following: 

 

• Statistical information (mean, standard deviation and correlation) on material 

properties and deterioration modeling parameters of structural elements 

• Development of cumulative distributions functions (CDFs) of deterioration 

modeling parameters, such as plastic rotation capacity, post capping rotation 

capacity and rate of cyclic deterioration for beams with reduced beam section (RBS) 

and for beams other-than-RBS. The CDFs reveal statistical information but do not 

display dependencies of deterioration parameters on individual geometric and 

material properties of structural elements 

• Identification of critical geometric parameters and their effect on deterioration 

characteristics of structural elements.  

o For steel W section beam specimens it is found that for all the connection 

types evaluated primary contributors to plastic rotation capacity θp are the 

beam web depth over thickness ratio h/tw and the depth d primarily for 

beams with RBS due to flange reduction. Of some importance is the effect of 

flange width to thickness ratio bf/2tf. 

o For sections used commonly in steel moment frames (d ≥ 21") θp is weakly 

dependent on the span to depth ratio L/d. This implies that: 

 A description of beam deformation capacity in terms of a ductility 

capacity ratio θp/θy is misleading because θy increases linearly with L 

(for a given beam section) but θp does not. 

 The plastic rotation capacity is not very sensitive to the beam span 

(i.e., the length of the plastic hinge regions) 

o Closely spaced lateral bracing (small Lb/ry ratio) increases the plastic rotation 

capacity, but not by a large amount (provided that the Lb/ry ratio does not 
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exceed an upper limit on the order of 70). It is more important for post 

capping rotation capacity and rate of cyclic deterioration because lateral 

torsional buckling typically dominates the large cycles of a loading history. 

 

 

9.2 Improved Component Hysteresis/ Deterioration Models 

 

The information collected in the steel databases is used to evaluate whether a widely used 

deterioration model (Ibarra-Krawinkler deterioration model) is adequate to capture all 

important deterioration phenomena and to quantify the parameters of this model. One of the 

major benefits of the databases is that other analytical models can be validated and 

improved using actual experimental data.  

 

Based on experimental evidence for steel components deteriorating in a local or lateral 

torsional buckling mode (brittle failures are not considered in this study) we identified that: 

 

• The hysteretic response of steel components reaches stabilization at a considerable 

residual strength, which may be important for the collapse capacity of steel frame 

structures. The Ibarra-Krawinkler model was modified to account for hysteresis 

loop stabilization. 

• At very large inelastic rotations, steel base material develops cracks at the apex of 

the most severe local buckle, and typically rapid crack propagation will occur 

followed by ductile tearing.  A new branch has been added to the original backbone 

curve of the Ibarra-Krawinkler model that allows the simulation of ductile tearing as 

observed in many tests and in particular in steel components. 

• Based on experimental evidence on composite slab action, the backbone curve and 

cyclic deterioration rates in the two loading directions of a component are different 

if a slab is present, i.e. the hysteretic response of a composite member is asymmetric 

in the two loading directions. Modeling of different backbone curves and rates of 
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deterioration in the two loading directions is incorporated in the modified version of 

the Ibarra-Krawinkler model presented in Chapter 2. 

 

 

9.3 Development of Relationships for Modeling Deterioration of Plastic Hinge 

Regions 

 

The missing aspect of modeling of deterioration characteristics of structural components is 

the availability of relationships that associate model parameters, such as plastic rotation 

capacity θp, post capping rotation capacity θpc, and rate of deterioration Λ, with geometric 

and material properties and detailing criteria that control deterioration of components. 

Based on statistical evaluation of the calibrated moment rotation diagrams from several 

hundreds of tests included in the steel databases, important contributors to deterioration 

model parameters were identified. With the use of multivariable regression analysis 

presented in Chapter 4 of this research empirical equations are proposed that predict 

deterioration modeling parameters for the following data sets: 

 

• Beams other than RBS 

• Beams with reduced beam section (RBS) 

• Hollow square steel columns under a wide range of applied axial load. 

 

The proposed equations provide satisfactory results in most cases but need improvements in 

some cases. Based on the regression equations it is concluded that an important aspect for 

reliable prediction of modeling parameters is to consider the interaction (correlation) of 

geometric and material properties of components. 
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9.4 Collapse Experiments and Predictions 

 

Till recently there was no comprehensive physical experiment on steel structures that could 

be used to validate that prediction of collapse is indeed feasible. In the context of this 

research we designed, fabricated, and executed collapse tests of two scale model of a 4-

story steel frame part of a prototype office building designed based on current seismic 

provisions. The integrated effort of shaking table collapse test series and associated pre- and 

post-test predictions led to: 

 

• Measurement and documentation of comprehensive experimental data of a wide 

range of response parameters, including story shears and drifts, floor accelerations 

and displacements, and rotations at all important beam and column locations from 

elastic behavior up to collapse of the two test frames. The parameters are  available 

to researchers to evaluate the effectiveness of analytical models for collapse 

prediction of steel frame structures through the Network for Earthquake 

Engineering Simulation (NEES) 

• Demonstration on hand of analytical simulations of these experiments that P-Δ 

effect can be isolated and quantified from elastic behavior up to collapse 

• Validation that relatively simple analytical models can be used to predict collapse 

capacity with a satisfactory level of accuracy – provided that the deterioration 

characteristics of critical components are adequately represented in the analytical 

models. In this research the deterioration characteristics were evaluated from pre-

shaking-table and post-shaking-table component experiments. These component 

tests, and the collapse predictions based on these tests, did demonstrate that the 

response close to collapse is sensitive to the loading history every component 

experiences as part of the structure.  

• The use of existing symmetric cyclic loading protocols provide insufficient 

information for component deterioration modeling as the structure approaches 

collapse, because the structure drifts to one side and the hysteresis loops become 
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very asymmetric with small deformation reversals. A test in which relatively small 

inelastic cycles are followed by unidirectional loading to extreme deformations 

would provide more relevant information for the purpose of collapse prediction. 

 

The approach to collapse prediction of deteriorating structural systems is exercised and 

shown to provide valuable information in the case studies summarized in Chapter 8, in 

which advantage is taken of recently conducted shaking table experiments. 

 

 

9.5 Concluding Remarks 

 
Adequate safety against collapse is of fundamental concern in the design decision process. 

It is closely tied to life safety considerations and may be also an important factor in 

economic loss estimation.  This research is a step towards a comprehensive quantification 

of the limit state of global or partial collapse in earthquakes. There are various modes of 

collapse and only the one associated with the sidesway mode is explicitly covered in this 

research. 

 

The major aspects of this research on collapse assessment of structural systems are (a) the 

development of three extensive databases on steel and reinforced concrete beam elements 

that provide information on deterioration characteristics of structural components and serve 

as the basis for modeling recommendations for structural components, and (b) the design 

planning and execution of two shaking table tests of a 4-story frame that provides 

comprehensive information from elastic range up to collapse and demonstrates that 

sidesway collapse of frame structures can indeed be predicted analytically including the 

effects of component deterioration. 

 

 



 

________________________________________________________________________________________ 
Chapter 9                                                                                                                     Summary and Conclusions 

 377

9.6 Suggestion for Future Work 

 

Areas for future research on the evaluation of collapse potential of structures in earthquakes 

include the following: 

 

• modeling deterioration characteristics of all important structural components 

• improvement of the analytical tools to include all the deterioration effects and be 

able to model P-M-V interaction and local failure modes such as loss of gravity load 

resistance at beam-to-column and slab-to-column connections 

• assessment of other collapse modes (local, story, global) 

• incorporating all "intangible" contributions that delay collapse (e.g., cladding, 

structural and nonstructural partitions, floor systems, etc.) 

• quantifying human error considerations 

 

Other areas of future research, not necessarily related to collapse potential of structures 

during earthquakes, for which this study can provide useful information are: 

 

• damage detection and localization based on damage detection algorithms with the 

use of information provided from the shaking table test series 

• validation and improvement of models that predict low cyclic fatigue and ductile 

fracture taking advantage of the information from the testing program of 

component tests. 
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APPENDIX A 

CALIBRATED VALUES OF DETERIORATION MODEL 

PARAMETERS AND EXPERIMENTAL DATA 

_________________________________________________________________________ 

 

This appendix includes experimental data used in Chapters 3 and 4 in order to identify 

trends of deterioration model parameters of the modified Ibarra-Krawinkler model versus 

geometric and material properties of steel and reinforced concrete structural components 

and develop empirical relationships in support to collapse assessment of deteriorating 

structural systems. The experimental data is included in the three databases developed as 

part of this research and is categorized per dataset used in Chapters 3. 

 

Each table contains the basic deterioration model parameters after calibration of the 

moment rotation diagram of the individual components.  Each component is distinguished 

from others based on the test identification that is used in the individual databases. In the 

individual tables a reference publication is also included. Connection type (if applicable), 

test configuration, and beam size is additional information provided in these tables.  

 

 

A.1 Beams Other-than-RBS 

 

Specimens that include beams other than RBS are summarized in Table A.1. The 

connection type and test configuration description of steel beams is summarized in Tables 

A.2 and A.3, respectively. 
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A.2 Beams with RBS 

 

Specimens with beams with RBS are summarized in Table A.4. Similarly to beams other 

than RBS the description of connection type and test configuration is summarized in Tables 

A.2 and A.3, respectively. 

 

 

A.3 Tubular Hollow Square Column Sections 

 

Tubular hollow square column sections are summarized in Table A.5. The description of 

test configurations of the specimens is summarized in Table A.6. 

 

 

A.4 Reinforced Concrete Beams 

 

Reinforced concrete beams included in the data evaluation in Chapter 3 are summarized in 

Table A.7. As mentioned in Chapter 3, at this point only calibrated plastic rotation 

capacities and cyclic deterioration parameters are included in the table since the data for 

post capping rotation capacity is not complete. Descriptions of test configurations of the 

same specimens are summarized in Table A.8. 
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Table A.1. Beams other than RBS 

Test 
ID Reference Con. Type Test 

Conf.
Beam 
Size

K  (kips-
in/rad)

M y    

(kips-in)
θ p 

(rad)
θ pc 

(rad)
Λ s Λ κ M c /M y κ

1 Popov, E. P., Stephen, 
R. M., (1970) WUF-B N3SBNS W24x76 900000 10684 0.049 na 0.00 0.00 1.17 0.00

2 Popov, E. P., Stephen, 
R. M., (1970) WUF-B N3SBNS W18x50 450000 5446 0.048 0.460 0.00 0.00 1.12 0.00

3 Popov, E. P., Stephen, 
R. M., (1970) WUF-B N3SBNS W24x76 1176470 8547 0.035 0.500 0.00 0.00 1.17 0.00

4 Engelhardt, M. D., 
Sabol, T. A., (1994) WFP SSBNS W36x150 4500000 29182 0.017 0.100 1.00 1.00 1.10 0.60

5 Engelhardt, M. D., 
Sabol, T. A., (1994) WFP SSBNS W36x150 4500000 28400 0.019 0.180 1.40 1.00 1.16 0.55

6 Engelhardt, M. D., 
Sabol, T. A., (1994) WSEP SSBNS W36x150 4000000 26000 0.016 0.190 1.30 1.30 1.10 0.65

7 Engelhardt, M. D., 
Sabol, T. A., (1994) WSEP SSBNS W36x150 4000000 30100 0.016 0.170 1.10 1.00 1.10 0.51

8 Engelhardt, M. D., 
Sabol, T. A., (1994) WFP SSBNS W36x150 4000000 26000 0.017 0.170 1.50 1.30 1.10 0.52

9 Engelhardt, M. D., 
Sabol, T. A., (1994) WFP SSBNS W36x150 4000000 26000 0.019 0.150 1.50 1.30 1.10 0.60

10 Engelhardt, M. D., 
Sabol, T. A., (1994) WFP SSBNS W36x150 4000000 26100 0.018 0.150 1.50 1.30 1.10 0.60

11 Engelhardt, M. D., 
Sabol, T. A., (1994) WFP SSBNS W36x150 4000000 26100 0.018 0.200 1.30 1.10 1.12 0.55

12 Engelhardt, M. D., 
Sabol, T. A., (1994) WSPFF SSBNS W36x150 5500000 27273 0.018 0.200 0.80 0.60 1.21 0.00

13 Engelhardt, M. D., 
Sabol, T. A., (1994) WSPFF SSBNS W36x150 6666667 26410 0.017 0.200 0.70 0.70 1.22 0.40

14 Taejin, K., et al. (2000) WFP SSBNS W30x99 1600000 20500 0.016 0.100 0.65 0.65 1.06 0.41

15 Taejin, K., et al. (2000) WFP SSBNS W30x99 1600000 20500 0.017 0.090 0.60 0.60 1.06 0.52

16 Taejin, K., et al. (2000) WFP SSBNS W30x99 1600000 20700 0.018 0.105 0.60 0.60 1.06 0.39

17 Taejin, K., et al. (2000) WFP SSBNS W30x99 1600000 20000 0.017 0.100 0.60 0.60 1.06 0.36

18 Taejin, K., et al. (2000) WFP SSBNS W30x99 1600000 20000 0.018 0.120 0.80 0.80 1.06 0.34

19 Taejin, K., et al. (2000) WFP SSBNS W30x99 1600000 20100 0.016 0.130 0.50 0.50 1.06 0.36

20 Taejin, K., et al. (2000) WFP SSBNS W30x99 1600000 20300 0.019 0.120 0.60 0.60 1.07 0.36

21 Taejin, K., et al. (2000) WFP SSBNS W30x99 1600000 20100 0.018 0.120 0.60 0.60 1.07 0.38

22 Taejin, K., et al. (2000) WFP SSBNS W30x99 1600000 20200 0.028 0.300 0.90 0.90 1.11 0.38

23 Taejin, K., et al. (2000) WFP SSBNS W30x99 1600000 23000 0.020 0.150 0.60 0.60 1.15 0.45

24
Seismic Structural 
Design Associates 

(2000)
SSDA N3SBNS W33x141 1886792 30000 0.032 0.160 1.00 1.00 1.11 0.00

25
Seismic Structural 
Design Associates 

(2000)
SSDA N3SBNS W27x94 814479.6 14400 0.028 0.120 1.00 1.00 1.12 0.37
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Table A.1. Beams other than RBS (continue) 
Test 
ID Reference Con. Type Test 

Conf.
Beam 
Size

K  (kips-
in/rad)

M y    

(kips-in)
θ p 

(rad)
θ pc 

(rad)
Λ s Λ κ M c /M y κ

26
Seismic Structural 
Design Associates 

(2000)
SSDA N3SBNS W36x300 4651163 80000 0.033 0.160 1.20 1.20 1.13 0.00

27 Tsai, K. C.; Popov, E. P. 
(1988) WUF-B N3SBNS W18x40 630000 3590 0.026 0.300 0.00 0.00 1.17 0.00

28 Tsai, K. C.; Popov, E. P. 
(1988) R-WUF-B N3SBNS W18x35 630000 3697 0.021 0.300 0.00 0.00 1.19 0.00

29 Tsai, K. C.; Popov, E. P. 
(1988) WUF-B N3SBNS W21x44 640000 4579 0.009 0.150 0.00 0.00 1.07 0.00

30 Tsai, K. C.; Popov, E. P. 
(1988) R-WUF-B N3SBNS W21x44 645000 5268 0.026 0.240 1.50 0.90 1.12 0.00

31 Tsai, K. C.; Popov, E. P. 
(1988) BSEP N3SBNS W18x46 666667 4364 0.028 0.300 2.00 1.50 1.10 0.00

32 Tsai, K. C.; Popov, E. P. 
(1988) BSEP N3SBNS W18x40 650000 4495 0.025 0.250 1.70 1.40 1.09 0.60

33 Tsai, K. C.; Popov, E. P. 
(1988) BUEP N3SBNS W21x44 869565 4153 0.026 0.270 1.50 1.20 1.18 0.40

34 Tsai, K. C.; Popov, E. P. 
(1988) BUEP N3SBNS W21x44 869565 4298 0.028 0.250 1.60 1.40 1.14 0.00

35 Choi, J., et al. (2000) WUF-B N3SBNS W24x68 1176471 11000 0.015 0.140 0.80 0.80 1.07 0.44
36 Choi, J., et al. (2000) WUF-B N3SBNS W30x99 3000000 18344 0.040 na 0.00 0.00 1.11 0.00
37 Choi, J., et al. (2000) WUF-B N3SBNS W30x99 3000000 16909 0.017 0.110 0.80 0.80 1.07 0.44
38 Choi, J., et al. (2000) WUF-B N3SBNS W30x124 5000000 24622 0.031 na 0.00 0.00 1.19 0.00
39 Choi, J., et al. (2000) WUF-B N3SBNS W30x124 5000000 29000 0.029 0.210 0.00 0.00 1.11 0.00
40 Shuey, B., et al. (1996) BH-WFP SSBNS W36x150 12500000 33000 0.014 0.220 0.80 0.80 1.11 0.00

41 Shuey, B., et al. (1996) WUF-B SSBNS W36x150 5000000 22000 0.018 0.140 0.40 0.40 1.13 0.30

42 Shuey, B., et al. (1996) H-WUF-B SSBNS W36x150 7692308 29495 0.018 0.200 0.90 0.50 1.07 0.76

43 Shuey, B., et al. (1996) WFP SSBNS W36x150 5000000 27500 0.029 0.150 1.50 1.50 1.10 0.50

44 Uang, C.M., and 
Bondad, D., (1996)

BH-WUF-
B SSBNS W30x99 1250000 15000 0.019 0.140 0.60 0.50 1.10 0.33

45 Uang, C.M., and 
Bondad, D., (1996)

BH-WUF-
B SSBNS W30x99 1000000 15500 0.025 0.170 1.00 1.00 1.10 0.00

46 Anderson, J. C., 
Linderman, R. R.(1991) WUF-B N1SBNS W16x26 666667 3120 0.013 0.200 0.80 0.80 1.10 0.00

47 Uang, C. M., Latham, C. 
T., (1995)

MNH-
SMTFTM SSBNS W36x150 2759120 29000 0.02 0.22 0.80 0.70 1.10 0.33

48 Uang, C. M., Latham, C. 
T., (1995)

MNH-
SMTFTM SSBNS W36x150 2761222 29500 0.02 0.215 1.40 1.10 1.10 0.60

49 Uang, C. M., Latham, C. 
T., (1995)

MNH-
SMTFTM SSBNS W36x150 2719736 29500 0.019 0.2 1.10 0.90 1.10 0.45

50 Uang, C. M., et al. 
(1996)

MNH-
SMTFTM SSBNS W36x170 3400152 36800 0.017 0.27 0.90 0.70 1.08 0.00

51 Suita, K., et al. (1998) WUF-W SSBNS
WF-

500x200x
10x16

714286 7568 0.036 0.250 1.40 1.40 1.11 0.52

52 Suita, K., et al. (1998) WUF-W SSBNS
WF-

500x200x
10x16

714286 7568 0.034 0.250 1.40 1.30 1.11 0.50

53 Suita, K., et al. (1998) WUF-W SSBNS
WF-

500x200x
10x16

714286 7636 0.037 0.250 1.50 1.40 1.10 0.53

54 Suita, K., et al. (1998) WUF-W SSBNS
WF-

500x200x
10x16

714286 7080 0.034 0.300 2.48 2.39 1.13 0.50

55 Suita, K., et al. (1998) WUF-W SSBNS
WF-

500x200x
10x16

714286 7043 0.035 0.300 2.51 2.42 1.15 0.50
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Table A.1. Beams other than RBS (continue) 

Test 
ID Reference Con. Type Test 

Conf.
Beam 
Size

K  (kips-
in/rad)

M y    

(kips-in)
θ p 

(rad)
θ pc 

(rad)
Λ s Λ κ M c /M y κ

56 Suita, K., et al. (1998) WUF-W SSBNS
WF-

500x200x
10x16

714286 7043 0.041 0.300 2.00 1.90 1.15 0.44

57 Suita, K., et al. (1998) WUF-W SSBNS
WF-

500x200x
10x16

800000 8182 0.042 0.300 3.78 3.80 1.10 0.40

58 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 40000 0.025 0.150 0.00 0.00 1.10 0.00

59 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 41887 0.017 0.100 0.70 0.70 1.06 0.38

60 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 45045 0.031 0.110 1.00 0.75 1.11 0.44

61 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 36036 0.020 0.110 0.85 0.65 1.11 0.42

62 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 36036 0.021 0.100 0.80 0.60 1.11 0.40

63 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 39091 0.019 0.120 1.00 0.80 1.10 0.54

64 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 38636 0.020 0.120 1.00 0.80 1.10 0.54

65 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 41818 0.019 0.120 0.61 0.50 1.10 0.43

66 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 37826 0.020 0.120 0.53 0.47 1.15 0.43

67 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 45000 0.025 0.100 0.80 0.80 1.10 0.38

68 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 37826 0.030 0.100 0.80 0.80 1.15 0.38

69 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 42545 0.024 0.120 1.10 0.80 1.10 0.01

70 Ricles, J. M., et al. 
(2000) WUF-B N2SBNS W36x150 4681400 39455 0.024 0.100 0.00 0.00 1.10 0.01

71 Krawinkler, H., et al. 
(1983) WUF-W N3SBNS W4X13 20000 365 0.065 0.400 0.00 0.00 1.25 0.00

72 Krawinkler, H., et al. 
(1983) WUF-W N3SBNS W6X9 33333 342 0.070 0.060 2.50 2.50 1.15 0.25

73 Krawinkler, H., et al. 
(1983) WUF-W N3SBNS W6X9 33333 342 0.055 0.060 2.30 2.30 1.20 0.00

74 Nakashima, M., et al. 
(1998) WUF-W SSBNS

WF-
600x250x

12x25
1534263 18430 0.057 0.28 0.00 0.00 1.05 0.00

75 Kasai, K., and Hodgson, 
I.,  (1996) H-BF-B N2SBNS W16X40 377653.4 4440 0.039 0.24 0.00 0.00 1.17 0.00

76 Kasai, K., and Hodgson, 
I.,  (1996) BH-BF-B N2SBNS W16X40 406381 4750 0.044 0.22 2.00 2.00 1.20 0.48

77 Kasai, K., and Hodgson, 
I.,  (1996) H-BF-B N2SBNS W36X150 8036164 30000 0.033 0.22 2.30 2.30 1.20 0.48

78 Kasai, K., and Hodgson, 
I.,  (1996) BH-BF-B N2SBNS W36X150 8036164 28000 0.033 0.22 2.10 2.10 1.15 0.48

79 Kasai, K., and Hodgson, 
I.,  (1996) H-BF-B N2SBNS W36X150 5943820 29900 0.022 0.28 2.00 2.00 1.10 0.75

80 Cheng, C. T., et al. 
(2007) WUF-B-J STBWS H450X20

0X9X14 800000 8200 0.025 0.15 0.70 0.70 1.06 0.00
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Table A.1. Beams other than RBS (continue) 

Test 
ID Reference Con. Type Test 

Conf.
Beam 
Size

K  (kips-
in/rad)

M y    

(kips-in)
θ p 

(rad)
θ pc 

(rad)
Λ s Λ κ M c /M y κ

81 Cheng, C. T., et al. 
(2007) WUF-B-J STBWS H450X20

0X9X14 800000 7800 0.025 0.15 0.70 0.70 1.06 0.00

82 Cheng, C. T., et al. 
(2007) -T-J (T @ B STBWS H450X20

0X9X14 662702.7 9100 0.045 0.15 0.55 0.35 1.00 0.00

83 Cheng, C. T., et al. 
(2007) -T-J (T @ B STBWS H450X20

0X9X14 662702.7 7000 0.045 0.15 0.55 0.35 1.00 0.00

84 Cheng, C. T., et al. 
(2007) WUF-B-T-J SSBWS H450X20

0X9X14 600000 8800 0.06 0.12 1.00 1.00 1.20 0.36

85 Cheng, C. T., et al. 
(2007) WUF-B-T-J SSBWS H450X20

0X9X14 600000 8800 0.06 0.16 1.30 1.10 1.25 0.36

86 Murray, T., and Sumner, 
E., (1999) BUEP N2TBWS W24x68 1409800 13090 0.014 0.09 0.70 0.70 1.05 0.70

87 Murray, T., and Sumner, 
E., (1999) BUEP SSBNS W24x68 859800 11300 0.014 0.09 0.80 0.80 1.05 0.70

88 Murray, T., and Sumner, 
E., (1999) BUEP SSBNS W30x99 1597115 20500 0.013 0.15 0.60 0.60 1.05 0.70

89 Murray, T., and Sumner, 
E., (1999) BSEP SSBNS W30x99 1674419 20000 0.011 0.085 0.60 0.60 1.05 0.70

90 Murray, T., and Sumner, 
E., (1999) BSEP SSBNS W36x150 2803105 39000 0.016 0.1 0.60 0.60 1.05 0.60

91 Ricles, J. M., et al. 
(2004) MT1 N2TBNS W24X62 1200000 7900 0.04 0.14 2.00 2.00 1.15 0.45

92 Ricles, J. M., et al. 
(2004) MDST N2TBNS W24X62 1200000 7000 0.037 0.18 3.00 3.00 1.20 0.45

93 Ricles, J. M., et al. 
(2004) MDST-w/o S N2TBNS W24X62 1200000 7300 0.022 0.3 1.15 1.15 1.08 0.30

94 Ricles, J. M., et al. 
(2004) TB N2TBNS W24X62 1200000 7300 0.021 0.27 1.30 1.30 1.08 0.35

95 Ricles, J. M., et al. 
(2004) TB N2TBNS W24X62 1200000 7300 0.022 0.24 1.60 1.60 1.08 0.35

96 Shin, K.J., et al. (2008) TS-W-K SSBNS H506X20
1X11X19 780000 8650 0.043 0.24 1.80 1.50 1.11 0.30

97 Shin, K.J., et al. (2008) TS-W-K SSBNS H506X20
1X11X19 685056 7500 0.044 0.4 0.00 0.00 1.13 0.00

98 Shin, K.J., et al. (2008) TS-W-K SSBNS H506X20
1X11X19 628246.6 8100 0.041 0.31 0.00 0.00 1.07 0.00

99 Allen, J., et al. (1996) SSDA SSBNS W36x393 9989189 44550 0.029 0.24 0.00 0.00 1.08 0.00

100 Allen, J., et al. (1996) SSDA SSBNS W36X280 10000000 45000 0.024 0.2 0.00 0.00 1.10 0.00

101 Allen, J., et al. (1996) SSDA SSBNS W36X280 9458333 45000 0.025 0.25 0.00 0.00 1.08 0.00

102 Allen, J., et al. (1996) SSDA SSBNS W36X150 12223667 24500 0.016 0.12 0.60 0.60 1.08 0.45

103 Allen, J., et al. (1996) SSDA SSBNS W36X150 25000000 31000 0.018 0.17 0.53 0.53 1.08 0.42

104 Allen, J., et al. (1996) SSDA SSBNS W33X141 12500000 26200 0.016 0.11 0.51 0.51 1.08 0.42

105 E-Defense (2007) WUF-W-J SSBWS
R-

400X200
X8X13

49360 550 0.024 0.17 1.10 1.00 1.05 0.00
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Table A.2. Connection Type 
Connection Type Notation

Welded unreinforced flanges-Bolted Web WUF-B
Welded unreinforced flanges-Welded Web WUF-W
Free Flange FF
Reduced Beam Section RBS
Bolted Flange Plate BFP
Bolted Unstiffened End Plate BUEP
Bolted Stiffened End Plate BSEP
Welded Flange Plate WFP
Welded Flange Plate – Free Flange WFPFF
Double Split Tee DST
Slotted Web Connection SSDA
Bolted Bracket connection BB
Welded Stiffened End Plate WSEP
Welded unreinforced flanges-Bolted Web, Welded Plate WUF-BW
Ribs- Welded unreinforced flanges-Bolted Web R-WUF-B
Bottom Haunch - Welded unreinforced flanges-Bolted Web BH-WUF-B
Haunches - Welded unreinforced flanges-Bolted Web H-WUF-B
Haunches – Bolted flanges-Bolted Web H-BF-B
Haunches – Bolted flanges-Bolted Web, Bottom BH-BF-B
Cover and Side Plate MNH-SMTF
Japanese Welded unreinforced flanges-Welded Web WUF-W-J
Japanese Welded – Bolted Web WUF-B-J
Japanese Welded – Bolted Web – Tapered Flange WUF – B – T - J
Korean – T – Stiffener – Welded TS – W - K
Extended tee T1
Extended tee with taper MT1
Bolted split – tee with shear tab MDST-ST
Bolted split – tee without shear tab MDST
Tee-Bolted TB  

 

Table A.3. Test configuration description for steel beams 

Notation Test Configuration Description
SSBNS Standard, single beam, no slab
STBNS Standard, two beams, no slab

N1SBNS Non Standard-1, column end fixed, single beam, no slab
N1TBNS Non Standard-1, column end fixed, two beams, no slab
N2SBNS Non standard 2, single beam, no slab
N2TBNS Non standard 2, two beams, no slab
N3SBNS Non standard 3, column stub, single beam no slab

DC Double curvature assembly  
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Table A.4. Beams with RBS 
Test 
ID Reference Con. 

Type Test Conf. Beam Size K(kips-
in/rad)

M y  (kips-
in)

θ p 

(rad)
θ pc 

(rad)
Λ s Λ κ M c /M y κ

1 Uang et al. 
(2000a)

WUF-B-
RBS SSBNS W30x99 2790995 15200 0.025 0.160 0.90 0.80 1.11 0.41

2 Uang et al. 
(2000a)

WUF-B-
RBS SSBNS W30x99 2700000 15800 0.028 0.200 0.80 0.70 1.11 0.41

3 Uang et al. 
(2000a)

WUF-B-
RBS SSBNS W30x99 2500000 14000 0.025 0.240 0.70 0.50 1.11 0.00

4 Uang et al. 
(2000a)

WUF-B-
RBS SSBNS W30x99 2790995 15300 0.026 0.200 1.10 1.10 1.11 0.41

5 Uang et al. 
(2000b)

WUF-B-
RBS SSBNS W36x150 7460000 30500 0.020 0.210 0.90 0.70 1.15 0.45

6 Uang et al. 
(2000b)

WUF-B-
RBS SSBNS W24x62 1011000 7400 0.019 0.170 0.80 0.80 1.10 0.37

7 Uang et al. 
(2000b) RBS SSBNS W36x150 7412000 30000 0.013 0.090 0.70 0.50 1.10 0.44

8 Uang et al. 
(2000b) RBS SSBNS W36x150 7412000 30000 0.015 0.140 0.80 0.60 1.15 0.46

9 Engelhardt et al. 
(2000) RBS N2TBNS W36x150 8890000 20000 0.025 0.320 1.20 1.20 1.10 0.40

10 Engelhardt et al. 
(2000) RBS N2TBNS W36x150 8890000 20000 0.025 0.320 1.20 1.20 1.10 0.40

11 Tremblay et al. 
(1997) RBS SSBWS W21x62 840000 5340 0.045 0.220 0.00 0.00 1.08 0.00

12 Tremblay et al. 
(1997) RBS SSBWS W21x62 700000 5200 0.031 0.210 1.80 1.60 1.10 0.32

13 Herrick, Smith-
Emery. (1996) RBS nr W27x94 924000 9160 0.029 0.170 1.40 1.40 1.07 0.00

14 Ivankiw and 
Carter (1996) RBS nr W30x99 550000 11500 0.031 0.130 0.80 0.70 1.10 0.35

15 Ivankiw and 
Carter (1996) RBS nr W30x99 550000 11500 0.031 0.130 0.80 0.70 1.10 0.35

16 Herrick, Smith-
Emery. (1996) RBS nr W33x169 2200000 18100 0.023 0.240 2.00 1.50 1.10 0.00

17 Herrick, Smith-
Emery. (1996) RBS nr W36x135 1800000 17500 0.022 0.210 1.20 0.90 1.10 0.00

18 Herrick, Smith-
Emery. (1996) RBS nr W36x135 1800000 17000 0.018 0.170 1.20 0.90 1.10 0.00

19 Ivankiw and 
Carter (1996) RBS nr W36x150 955000 21600 0.025 0.300 0.90 0.90 1.10 0.00

20 Engelhardt et al. 
(1996) RBS N3SBNS W36x194 2250000 28500 0.025 0.310 1.80 1.80 1.10 0.00

21 Engelhardt et al. 
(1996) RBS N3SBNS W36x170 2240000 29800 0.029 0.290 1.40 1.10 1.10 0.31

22 Engelhardt et al. 
(1996) RBS N3SBNS W36x150 2240000 20200 0.020 0.260 1.40 1.10 1.08 0.31

23 Anderson and 
Duan (1998) RBS SSBNS W21x68 700000 8900 0.021 0.230 0.00 0.00 1.12 0.00

24 Popov et al. 
(1998) RBS N1SBNS W36x135 2450000 20000 0.019 0.150 0.90 0.70 1.10 0.38

25 Popov et al. 
(1997) RBS N3SBNS W33x130 2220000 17400 0.018 0.170 1.00 0.80 1.08 0.46

26 Popov et al. 
(1997) RBS N3SBNS W33x130 2220000 18000 0.020 0.170 1.00 0.80 1.09 0.43

27 Popov et al. 
(1997) RBS N3SBNS W36x194 3510000 34500 0.024 0.300 2.20 2.00 1.06 0.38

28 Tsai and Chen 
(2000) RBS N3SBNS H600X200

X11X17 837013 24900 0.033 0.35 2.20 2.00 1.07 0.00
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Table A.4. Beams with RBS (continue) 
Test 
ID Reference Con. 

Type Test Conf. Beam Size K(kips-
in/rad)

M y  (kips-
in)

θ p 

(rad)
θ pc 

(rad)
Λ s Λ κ M c /M y κ

29 Tsai and Chen 
(2000) RBS N3SBNS H600X200

X11X17 837013 22900 0.035 0.35 0.00 0.00 1.07 0

30 Tsai and Chen 
(2000) RBS N3SBNS H600X200

X11X17 837013 23100 0.034 0.25 0.00 0.00 1.1 0.55

31 Tsai and Chen 
(2000) RBS N3SBNS H600X200

X11X17 837013 22900 0.036 0.24 1.70 1.70 1.1 0.45

32 Tsai and Chen 
(2000) RBS N3SBNS H600X200

X11X17 837013 27500 0.038 0.24 2.00 1.80 1.10 0.38

33 Zekioglu et al. 
(1996) RBS SSBNS W27x178 1800000 23200 0.035 0.260 2.00 2.00 1.08 0.00

34 Zekioglu et al. 
(1996) RBS SSBNS W27x178 1800000 27500 0.035 0.350 2.00 1.80 1.06 0.00

35 Zekioglu et al. 
(1996) RBS SSBNS W36x150 2000000 24500 0.022 0.230 0.90 0.70 1.06 0.00

36 Zekioglu et al. 
(1996) RBS SSBNS W33x152 4000000 34000 0.021 0.240 0.90 0.70 1.06 0.38

37 Zekioglu et al. 
(1996) RBS SSBNS W33x152 4000000 32500 0.021 0.230 0.90 0.70 1.06 0.34

38 Suita et al. (1998) RBS SSBNS
WF-

500x200x
10x16

750000 5800 0.042 0.380 1.80 1.80 1.08 0.45

39 Suita et al. (1998) RBS SSBNS
WF-

500x200x
10x16

750000 5600 0.041 0.320 1.30 1.30 1.08 0.47

40 Suita et al. (1998) RBS SSBNS
WF-

500x200x
10x16

750000 6200 0.038 0.360 1.40 1.00 1.08 0.52

41 Suita et al. (1998) RBS SSBNS
WF-

500x200x
10x16

900000 5900 0.039 0.280 1.50 1.00 1.08 0.50

42 Suita et al. (1998) RBS SSBNS
WF-

500x200x
10x16

900000 6250 0.040 0.320 1.71 1.65 1.08 0.55

43 Lee et al. (2005) RBS N3SBNS H700x300
x13x24 2000000 18000 0.035 0.280 2.00 1.80 1.12 0.00

44 Lee et al. (2005) RBS N3SBNS H700x300
x13x24 2000000 18000 0.031 na 0.00 0.00 1.12 0.00

45 Lee et al. (2005) RBS N3SBNS H700x300
x13x24 2000000 13000 0.013 na 0.00 0.00 1.25 0.00

46 Lee et al. (2005) RBS N3SBNS H700x300
x13x24 2000000 16000 0.015 na 0.00 0.00 1.11 0.00

47 Lee et al. (2005) RBS N3SBNS H600x200
x11x17 807000 7900 0.028 0.180 1.30 1.30 1.10 0.00

48 Lee et al. (2005) RBS N3SBNS H600x200
x11x17 780000 7900 0.024 0.165 1.00 0.80 1.10 0.30

49 Lee et al. (2005) RBS N3SBNS H600x200
x11x17 950000 8100 0.025 0.260 1.00 0.90 1.11 0.35

50 Lee et al. (2005) RBS N3SBNS H606x201
x12x20 1000000 9600 0.026 0.220 1.40 1.40 1.11 0.00

51 Shin et al. (2008) TS-W-K SSBNS H506X201
X11X19 685056 7500 0.044 0.4 0.00 0.00 1.13 0

52 Shin et al. (2008) TS-W-K SSBNS H506X201
X11X19 628247 8100 0.041 0.31 0.00 0.00 1.07 0
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Table A.5. Tubular hollow square column sections 

Test ID Reference Test Conf. Column K(kips-
in/rad)

M y   (kips-
in)

θ p 

(rad)
θ pc 

(rad)
Λ M c /M y κ

1 Tsuda and Matsui, 
(1998) CF HSS-100x100x4.5 10000 225 0.024 0.15 0.00 1.05 0.00

2 Tsuda and Matsui, 
(1998) CF HSS-100x100x4.5 12000 209 0.015 0.09 0.00 1.05 0.00

3 Tsuda and Matsui, 
(1998) CF HSS-100x100x4.5 12000 165 0.009 0.02 0.00 1.13 0.00

4 Tsuda and Matsui, 
(1998) CF HSS-150x150x5.8 45000 700 0.024 0.14 0.00 1.14 0.00

5 Tsuda and Matsui, 
(1998) CF HSS-150x150x5.8 45000 680 0.013 0.07 0.00 1.11 0.00

6 Tsuda and Matsui, 
(1998) CF HSS-150x150x5.8 45000 700 0.017 0.11 0.00 1.04 0.00

7 Tsuda and Matsui, 
(1998) CF HSS-100x100x3 10000 165 0.020 0.14 0.00 1.04 0.00

8 Tsuda and Matsui, 
(1998) CF HSS-100x100x3 10000 145 0.012 0.09 0.00 1.05 0.00

9 Tsuda and Matsui, 
(1998) CF HSS-150x150x4.3 38000 520 0.013 0.12 0.00 1.05 0.00

10 Tsuda and Matsui, 
(1998) CF HSS-150x150x4.3 38000 430 0.011 0.04 0.00 1.05 0.45

11 Tsuda and Matsui, 
(1998) CF HSS-150x150x4.3 40000 375 0.009 0.02 0.00 1.05 0.50

12 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 27000 250 0.009 0.12 0.00 1.05 0.00

13 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 27000 180 0.014 0.03 0.00 1.10 0.00

14 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 28000 230 0.007 0.03 0.00 1.08 0.44

15 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 28000 210 0.011 0.02 0.00 1.06 0.75

16 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 28000 90 0.005 0.02 0.00 1.06 0.00

17 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 30000 240 0.007 0.03 0.00 1.02 0.00

18 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 30000 130 0.004 0.01 0.00 1.08 0.00

19 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 25000 245 0.016 0.14 0.00 1.02 0.00

20 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 25000 190 0.014 0.03 0.00 1.06 0.00

21 Tsuda and Matsui, 
(1998) CF HSS-150x150x2.5 20000 175 0.008 0.10 0.00 1.01 0.00

22 Tsuda and Matsui, 
(1998) CF HSS-150x150x2.5 25000 98 0.005 0.03 0.00 1.01 0.00

23 Tsuda and Matsui, 
(1998) CF HSS-150x150x2.0 20000 108 0.005 0.05 0.00 1.01 0.00

24 Tsuda and Matsui, 
(1998) CF HSS-150x150x2.0 15100 47 0.005 0.01 0.00 1.00 0.00

25 Tsuda and Matsui, 
(1998) CF HSS-150x150x1.6 20100 35 0.005 0.02 0.00 1.05 0.00  
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Table A.5. Tubular hollow square column sections (continue) 

Test ID Reference Test Conf. Column K(kips-
in/rad)

M y   (kips-
in)

θ p 

(rad)
θ pc 

(rad)
Λ M c /M y κ

26 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 30200 305 0.011 0.12 0.00 1.03 0.00

27 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 30200 225 0.010 0.04 0.00 1.04 0.00

28 Tsuda and Matsui, 
(1998) CF HSS-150x150x2.7 25100 230 0.009 0.15 0.00 1.04 0.00

29 Tsuda and Matsui, 
(1998) CF HSS-150x150x2.7 20200 170 0.004 0.06 0.00 1.04 0.00

30 Sugiyama and 
Igarashi, (1986) DC HSS-100x100x3.2 13500 160 0.015 0.09 0.00 1.04 0.00

31 Sugiyama and 
Igarashi, (1986) DC HSS-100x100x3.2 17500 135 0.010 0.06 0.00 1.06 0.00

32 Sugiyama and 
Igarashi, (1986) DC HSS-100x100x4.5 18500 235 0.024 0.35 0.00 1.07 0.00

33 Sugiyama and 
Igarashi, (1986) DC HSS-100x100x4.5 20200 212 0.014 0.07 0.00 1.06 0.00

34 Sugiyama and 
Igarashi, (1986) DC HSS-100x100x3.2 10000 127 0.019 0.28 0.00 1.02 0.00

35 Sugiyama and 
Igarashi, (1986) DC HSS-100x100x3.2 8500 135 0.009 0.21 0.00 1.04 0.00

36 Sugiyama and 
Igarashi, (1986) DC HSS-100x100x3.2 8000 142 0.011 0.21 0.00 1.04 0.00

37 Sugiyama and 
Igarashi, (1986) DC HSS-100x100x4.5 13000 190 0.025 0.33 0.00 1.03 0.00

38 Sugiyama and 
Igarashi, (1986) DC HSS-100x100x4.5 10000 203 0.030 0.27 0.00 1.02 0.00

39 Kouichi and 
Yamada, (1984) DC HSS-125x125x3.2 35000 431 0.012 0.20 0.00 1.04 0.00

40 Kouichi and 
Yamada, (1984) DC HSS-125x125x3.2 35000 400 0.009 0.09 0.00 1.02 0.00

41 Kouichi and 
Yamada, (1984) DC HSS-125x125x3.2 38400 340 0.007 0.06 0.00 1.02 0.00

42 Kouichi and 
Yamada, (1984) DC HSS-125x125x4.5 29400 600 0.022 0.15 0.00 1.03 0.00

43 Kouichi and 
Yamada, (1984) DC HSS-125x125x4.5 37300 530 0.016 0.08 0.00 1.04 0.00

44 Kouichi and 
Yamada, (1984) DC HSS-125x125x4.5 31350 270 0.009 0.02 0.00 1.04 0.00

45 Tsuda and Matsui, 
(1998) CF HSS-150x150x5.8 50000 700 0.010 0.13 0.15 1.03 0.29

46 Tsuda and Matsui, 
(1998) CF HSS-150x150x4.3 35000 521 0.010 0.13 0.17 1.06 0.29

47 Tsuda and Matsui, 
(1998) CF HSS-150x150x4.3 35000 430 0.003 0.06 0.06 1.01 0.21

48 Tsuda and Matsui, 
(1998) CF HSS-150x150x4.3 35000 380 0.003 0.02 0.03 1.00 0.21

49 Tsuda and Matsui, 
(1998) CF HSS-150x150x3.2 30000 214 0.004 0.03 0.02 1.03 0.30

50 Tsuda and Matsui, 
(1998) CF HSS-100x100x3.2 10300 119 0.015 0.25 0.77 1.08 0.65  
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Table A.5. Tubular hollow square column sections (continue) 

Test ID Reference Test Conf. Column K(kips-
in/rad)

M y   (kips-
in)

θ p 

(rad)
θ pc 

(rad)
Λ M c /M y κ

51 Tsuda and Matsui, 
(1998) CF HSS-100x100x4.5 15500 175 0.022 0.34 16.32 1.09 0.60

52 Yamanaka and 
Yamada, (1984) CF HSS-125x125x4.5 35000 500 0.008 0.10 0.30 1.05 0.25

53 Yamanaka and 
Yamada, (1984) CF HSS-125x125x4.5 35000 500 0.017 0.04 0.10 1.05 0.39

54 Tsuji and 
Nakatsura, (1986) DC HSS-100x100x3.5 20000 200 0.022 0.20 0.50 1.05 0.25

55 Tsuji and 
Nakatsura, (1986) DC HSS-100x100x4.5 30000 291 0.020 0.22 0.66 1.07 0.27

56 Kita and Tsuji, 
(1986) DC HSS-125x125x4.5 40000 370 0.010 0.08 0.20 1.05 0.20

57 Kita and Tsuji, 
(1986) DC HSS-125x125x4.5 40000 370 0.010 0.08 0.17 1.05 0.20

58 Kita and Tsuji, 
(1986) DC HSS-125x125x4.5 40000 370 0.010 0.12 0.32 1.05 0.30

59 Kita and Tsuji, 
(1986) DC HSS-125x125x4.5 40000 300 0.006 0.05 0.20 1.01 0.28

60 Kita and Tsuji, 
(1986) DC HSS-125x125x4.5 40000 340 0.006 0.05 0.10 1.03 0.28

61 Kita and Tsuji, 
(1986) DC HSS-125x125x4.5 40000 340 0.007 0.05 0.10 1.03 0.28

62 Tsuji, and 
Nakatsura, (1986) DC HSS-100x100x3.5 80000 640 0.015 0.22 0.60 1.03 0.20

63 Tsuji, and 
Nakatsura, (1986) DC HSS-100x100x3.5 80000 640 0.021 0.25 0.86 1.06 0.39

64 Tsuji, and 
Nakatsura, (1986) DC HSS-100x100x4.5 80000 640 0.019 0.24 0.60 1.06 0.26

65 Tsuji, and 
Nakatsura, (1986) DC HSS-100x100x4.5 80000 640 0.022 0.26 0.98 1.06 0.35

66 Kurata et al. (2005) CF HSS-200x200x6.0 100000 1000 0.011 0.20 0.60 1.03 0.23

67 Kurata et al. (2005) CF HSS-200x200x6.0 95000 900 0.007 0.08 0.10 1.03 0.17

68 Kurata et al. (2005) CF HSS-200x200x9.0 110000 1600 0.021 0.30 0.57 1.06 0.35

69 Kurata et al. (2005) CF HSS-200x200x9.0 110000 1600 0.013 0.09 0.35 1.06 0.12

70 Kurata et al. (2005) CF HSS-200x200x12 100000 1000 0.025 0.20 1.36 1.03 0.23

71 Kurata et al. (2005) CF HSS-200x200x12 100000 1000 0.011 0.15 0.60 1.03 0.23  
 

Table A.6. Test configuration description for tubular hollow square column sections 

Notation Test Configuration Description 
CF Cantilever beam with column flexible with possible rotation 
DC Double Curvature assembly 
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Table A.7. Reinforced concrete beams 
Test 
ID Reference Test 

Conf.
K (kips-
in/rad)

M y   

(kips-in)
θ p  

(rad)
Λ s Λ κ M c /M y

1 Popov et al. 
(1972) CR 1314079 9100 0.029 1.00 0.60 1.11

2
Bertero and 

Popov, 
(1975)

CP 206897 1600 0.037 1.40 1.40 1.12

3 Ma et al. 
(1976) CP 179394 1500 0.042 1.50 1.50 1.15

4 Ma et al. 
(1976) CP 176970 1540 0.052 2.50 2.50 1.17

5 Ma et al. 
(1976) CP 235294 2000 0.046 2.50 2.50 1.15

6 Liddell et al. 
(2000) CP 390909 2150 0.043 1.50 0.70 1.17

7 Liddell et al. 
(2000) CP 206000 2180 0.045 1.40 0.70 1.10

8 Liddell et al. 
(2000) CP 206364 2180 0.040 1.35 0.60 1.10

9 Liddell et al. 
(2000) CP 307500 2100 0.023 1.30 1.30 1.10

10 Liddell et al. 
(2000) CP 336316 2130 0.080 0.00 0.00 1.10

11 Liddell et al. 
(2000) CP 477372 2180 0.034 0.80 0.50 1.15

12 Liddell et al. 
(2000) CP 352000 2250 0.086 0.00 0.80 1.14

13 Liddell et al. 
(2000) CP 252000 2180 0.030 0.00 0.00 1.12

14 Liddell et al. 
(2000) CP 200000 2200 0.039 0.00 0.00 1.12

15 Liddell et al. 
(2000) CP 200000 2200 0.039 0.00 0.00 1.12

16 Liddell et al. 
(2000) CP 219524 2300 0.045 0.40 0.40 1.12

17 Liddell et al. 
(2000) CP 219524 2330 0.041 0.00 0.00 1.12

18
Scribner 

and Wight, 
(1978)

CF 65000 580 0.074 3.00 3.00 1.40

19
Scribner 

and Wight, 
(1978)

CF 56418 640 0.078 1.30 1.10 1.25

20
Scribner 

and Wight, 
(1978)

CF 28500 420 0.070 3.00 3.00 1.10

21
Scribner 

and Wight, 
(1978)

CF 60896 690 0.060 2.50 2.50 1.15

22
Scribner 

and Wight, 
(1978)

CF 143333 2200 0.080 2.00 2.00 1.15

23
Scribner 

and Wight, 
(1978)

CF 157317 2100 0.085 1.40 1.20 1.35

24
Lee and 
Wight, 
(1976)

CF 25648 280 0.043 1.00 1.00 1.15

25
Lee and 
Wight, 
(1976)

CF 41333 310 0.064 2.20 1.00 1.27
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Table A.7. Reinforced concrete beams (continue) 
Test 
ID Reference Test 

Conf.
K (kips-
in/rad)

M y   

(kips-in)
θ p  

(rad)
Λ s Λ κ M c /M y

26
Lee and 
Wight, 
(1976)

CF 36364 343 0.073 1.70 0.70 1.23

27
Lee and 
Wight, 
(1976)

CF 30910 343 0.072 1.70 0.80 1.20

28
Lee and 
Wight, 
(1976)

CF 37714 330 0.070 2.50 2.00 1.20

29
Lee and 
Wight, 
(1976)

CF 37714 330 0.071 2.00 2.00 1.20

30 Lee and Ko, 
(2005) CF 15143 180 0.060 3.00 1.80 1.17

31 Lee and Ko, 
(2005) CF 200000 2690 0.055 3.00 2.00 1.17

32 Lee and Ko, 
(2005) CF 12727 155 0.060 2.00 2.00 1.17

33 Lee and Ko, 
(2005) CF 11688 155 0.062 2.40 2.00 1.15

34 Lee and Ko, 
(2005) CF 164835 2500 0.057 1.50 1.20 1.12

35
Nmai and 
Darwin, 
(1984)

CP 115385 1300 0.035 1.00 1.00 1.25

36
Nmai and 
Darwin, 
(1984)

CP 135000 1350 0.035 1.00 1.00 1.25

37
Nmai and 
Darwin, 
(1984)

CP 155556 910 0.029 1.40 1.20 1.25

38
Nmai and 
Darwin, 
(1984)

CP 245455 890 0.032 2.30 2.30 1.32

39
Nmai and 
Darwin, 
(1984)

CP 245455 890 0.032 2.80 2.00 1.32

40
Nmai and 
Darwin, 
(1984)

CP 225743 950 0.031 1.50 0.80 1.25

41
Nmai and 
Darwin, 
(1984)

CP 201429 950 0.030 1.20 0.60 1.25

42 Vintzileou et 
al. (2007) DE 29667 445 0.042 1.00 0.70 1.03

43 Vintzileou et 
al. (2007) DE 34286 410 0.054 0.60 0.60 1.11

44 Vintzileou et 
al. (2007) DE 25263 405 0.047 0.50 0.50 1.06

45 Vintzileou et 
al. (2007) DE 33333 500 0.072 0.90 0.90 1.02

46 Vintzileou et 
al. (2007) DE 33750 450 0.035 0.80 0.80 1.00

47 Vintzileou et 
al. (2007) DE 12000 180 0.048 0.70 0.60 1.00
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Table A.7. Reinforced concrete beams (continue) 
Test 
ID Reference Test 

Conf.
K (kips-
in/rad)

M y   

(kips-in)
θ p  

(rad)
Λ s Λ κ M c /M y

48 Vintzileou et 
al. (2007) DE 40519 530 0.043 0.70 0.30 1.00

49 Vintzileou et 
al. (2007) DE 32667 490 0.051 0.70 0.70 1.00

50 Vintzileou et 
al. (2007) DE 32667 462 0.046 0.60 0.40 1.00

51 Vintzileou et 
al. (2007) DE 33648 420 0.035 0.60 0.40 1.00

52 Vintzileou et 
al. (2007) DE 29333 445 0.041 0.70 0.50 1.05

53 Vintzileou et 
al. (2007) DE 29333 450 0.053 0.60 0.60 1.22

54 Vintzileou et 
al. (2007) DE 31090 570 0.054 0.90 0.90 1.00

55 Vintzileou et 
al. (2007) DE 33333 480 0.052 0.70 0.60 1.00

56 Vintzileou et 
al. (2007) DE 13609 205 0.051 0.80 0.80 1.00

57 Vintzileou et 
al. (2007) DE 26786 460 0.054 0.90 0.90 1.00

58 Vintzileou et 
al. (2007) DE 30769 565 0.050 2.20 2.20 1.00

59 Vintzileou et 
al. (2007) DE 30000 440 0.058 1.00 1.00 1.00

60 Vintzileou et 
al. (2007) DE 22222 480 0.030 0.60 0.60 1.03

61 Vintzileou et 
al. (2007) DE 29706 650 0.045 1.00 1.00 1.00

62 Vintzileou et 
al. (2007) DE 26706 256 0.037 1.00 1.00 1.04

63 Vintzileou et 
al. (2007) DE 43000 510 0.048 1.00 1.00 1.00

64
Ehsani and 

Wight 
(1985)

CF 200000 2100 0.060 1.20 1.20 1.07

65
Ehsani and 

Wight 
(1985)

CF 73810 1600 0.085 1.40 1.40 1.00

66
Ehsani and 

Wight 
(1985)

CF 700000 1500 0.070 1.80 1.80 1.03

67
Ozebe and 
Saatcioglu, 

(1987)
CF 136364 2100 0.067 1.00 1.00 1.10
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Table A.7. Reinforced concrete beams (continue) 
Test 
ID Reference Test 

Conf.
K (kips-
in/rad)

M y   

(kips-in)
θ p  

(rad)
Λ s Λ κ M c /M y

68

Krawinkler 
and 

Haselton, 
(2003)

DE 12000 120 0.068 0.00 0.00 1.15

69

Krawinkler 
and 

Haselton, 
(2003)

DE 12000 130 0.072 0.00 0.00 1.15

70

Krawinkler 
and 

Haselton, 
(2003)

DE 13500 135 0.055 0.00 0.00 1.05

71 Biddah et al. 
(1997) CR 375000 4500 0.070 1.00 1.00 1.00

72
Kwan, and 
Billington, 

(2001)
CR 100000 870 0.050 1.00 1.00 1.04

73
Kwan, and 
Billington, 

(2001)
CR 100000 1100 0.050 0.80 0.60 1.04

74 Nadim et al. 
(1996) CR 400000 6000 0.075 1.00 1.00 1.12

75 Nadim et al. 
(1996) CR 500000 6200 0.067 1.40 1.40 1.12

76 Kokusho et 
al. (1976) DE 250000 1120 0.085 0.00 0.00 1.25

77 Kokusho et 
al. (1976) DE 253600 1150 0.090 0.00 0.00 1.24

78 Chung et al. 
(1977) DE 12000 130 0.051 0.00 0.00 1.09

79 Chung et al. 
(1977) DE 8500 80 0.060 0.00 0.00 1.25

80 Chung et al. 
(1977) DE 12000 120 0.050 0.00 0.00 1.25

81 Ohkubo et 
al. (1980) BRI 16000 90 0.024 0.10 0.10 1.01

82 Ohkubo et 
al. (1980) BRI 18000 115 0.030 0.70 0.70 1.08

83 Ohkubo et 
al. (1980) BRI 18000 110 0.030 0.10 0.10 1.00

84 Ohkubo et 
al. (1980) BRI 20000 129 0.040 0.10 0.10 1.00

85 Ohkubo et 
al. (1980) BRI 25000 147 0.047 0.30 0.30 1.00

86 Korenaga et 
al. (1986) OHNO 75000 780 0.055 0.00 0.00 1.08

87 Taga et al. 
(1988) BRI 40000 700 0.080 1.80 1.80 1.15

88 Honda et al. 
(1989) OHNO 870000 8800 0.049 1.50 0.80 1.12

89 Ichikawa et 
al. (1988) CF 90000 2000 0.070 2.30 2.30 1.04

90 Ichikawa et 
al. (1988) CF 100000 2450 0.042 0.70 0.70 1.04  
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Table A.7. Reinforced concrete beams (continue) 
Test 
ID Reference Test 

Conf.
K (kips-
in/rad)

M y   

(kips-in)
θ p  

(rad)
Λ s Λ κ M c /M y

91 Nakamura 
et al. (1992) OHNO 400000 4900 0.032 0.10 0.10 1.04

92 Nakamura 
et al. (1992) OHNO 400000 4850 0.045 0.50 0.50 1.06

93 Ishikawa et 
al. (1992) OHNO 145450 800 0.055 0.30 0.30 1.03

94 Kamura et 
al. (1993) OHNO 130000 1450 0.050 0.30 0.30 1.06

95 Kamura et 
al. (1993) OHNO 100000 1270 0.030 0.50 0.50 1.00

96 Akira et al. 
(1984) OHNO 125000 1200 0.025 0.65 0.60 1.00

97 Akira et al. 
(1984) OHNO 200000 1750 0.055 1.50 1.40 1.03

98 Akira et al. 
(1984) OHNO 180000 1700 0.055 1.20 0.50 1.15

99 Muguruma 
et al. (1988) BRI 125000 700 0.040 0.80 0.50 1.10

100 Muguruma 
et al. (1988) BRI 100000 710 0.060 1.20 1.20 1.06

 
 

Table A.8. Test configuration description of reinforced concrete beams 

Notation Test Configuration Description 
CR Cantilever beam with column rigidly attached to frame 
CF Cantilever beam with column flexible with possible rotation 
CP Cantilever beam with column pre-stressed 
DE Double ended with assembly simply supported 
DC Double Curvature assembly 
S2 Simply supported beam with two point loads 
S1 Simply supported beam with one point load 

BRI Japanese double curvature assembly 
OHNO Japanese double curvature assembly 
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APPENDIX B 

DESIGN DRAWINGS OF TEST FRAME USED FOR SHAKING 

TABLE EXPERIMENTATION  

_________________________________________________________________________ 

 

This appendix includes all the drawings of the 1:8 scale model used for shaking table 

experimentation. The design of the test frame was discussed in Chapter 5. Test evaluation 

of the shaking table collapse test series of the test frame was discussed in Chapter7. A 

complete set of drawings of the test frame, mass simulator and lateral bracing systems of 

both substructures is available through the NEESCentral (https://central.nees.org/) 

repository. 

 

Figure B1 includes the assembly drawing of the test frame together with a material list. 

Figures B2 to B15 include detailed drawings of all the individual parts of the test frame. All 

the drawings were designed in SolidWorks, (2004). 
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Figure B.1.  Assembly drawing of test frame with material list 
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Figure B.2.  Exterior left joint of test frame 
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Figure B.3.  Exterior top left joint of test frame 
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Figure B.4.  Cross interior joint of test frame 
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Figure B.5.  Interior top joint of test frame 
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Figure B.6.  Exterior right joint of test frame 
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Figure B.7.  Exterior top right joint of test frame 
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Figure B.8.  Base link of test frame 
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Figure B.9.  Column of 1st story of test frame 
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Figure B.10.  Column of 2nd, 3rd and 4th story of test frame 
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Figure B.11.  Beam of 1st and 2nd floor of test frame 
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Figure B.12.  Beam of 3rd and 4th floor of test frame 



________________________________________________________________________________________ 
Appendix B  Design Drawings of Test Frame Used... 

 410

 
Figure B.13.  Outside washer for beam and column plastic hinge elements of test frame 
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Figure B.14.  Washer for column plastic hinge elements of test frame 
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Figure B.15.  Washer for beam plastic hinge elements of test frame 
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APPENDIX C 

DEDUCED DATA FROM COMPONENT TESTS 

_________________________________________________________________________ 

 

This appendix includes selected monotonic and hysteretic plots of specimens that were 

tested as part of the testing program conducted at the laboratory of the John A. Blume 

Earthquake Engineering Center at Stanford University. The selected figures provide 

information related to Chapter 6 of this research that discusses about component tests of the 

model frame tested later on at the NEES facility at Buffalo. The hysteretic plots presented 

herein are categorized to: 

 

1. tip load P versus tip displacement δ (P-δtip) used to obtain component elastic 

stiffness, 

2. moment versus outer and inner strain (Mc-εOuter, Mc-εInner) if available used to 

identify initiation of yielding and to correlate strain measurements with forces in the 

flange plates. The moment versus strain relationship for each plastic hinge served as 

a calibration for the shaking table collapse series in order to deduce flange plate 

forces, plastic hinge moments and beam and column shear forces, and 

3. moment rotation over 1.5" length diagram (Mc-θ1.5") of the plastic hinge element 

used to obtain the plastic hinge elastic rotational stiffness and the deterioration 

parameters for different plates and boundary conditions 

 

 

C.1 Equivalent Modulus for Deduction of Flange Plate Forces  

 

As mentioned in Chapter 7 it is not visible to measure directly forces and moments in 

components and connections during a shaking table test. In order to verify if (1) equilibrium 
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of moments was satisfied per joint of each test frame in the elastic range during shaking 

table experimentation and (2) validate story force measurements from the horizontal links 

that were acting as load cells, an equivalent modulus for deduction of flange plate forces 

was determined.  

 

The equivalent modulus was obtained from the slope of the elastic range of the relationship 

between moment at centerline of the pin of the component tests versus outer and inner 

surface strain of flange plates for different flange plate widths w. Table C.1 summarizes the 

equivalent modulus for inner Ε1-2
equiv.Inner  and outer Ε1-2

equiv.Outer surface of the flange plate 

for single and double flange plate configurations. The last three tests included in the same 

table are the three selected plastic hinge locations that were tested at Stanford after the 

completion of the shaking table collapse tests at Buffalo (see Section 6.7). As seen from the 

same table, specimens with single plates and approximately the same flange plate width 

with double plate specimens have an equivalent modulus approximately half compared to 

the one from double specimens. The small differences are attributed to the additional 

contribution to total deflection from the pin region for single plate specimens. 

 

Selected moment–engineering strain (Mc – εInner, Mc – εOuter) relationships for inner and 

outer flange plate surface of specimens with single and double flange plate configuration 

are presented in Figures C.1 to C.7 together with the tip load P versus tip displacement δtip, 

Moment – θ1.5" and selected photos associated with critical points of the applied loading 

history. 
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Table C.1. Equivalent modulus based on inner and outer strain of flange plates 

Test ID w 
(in) 

Ε1-2
equiv.Inner 

(kips-in) 
Ε1-2

equiv.Outer 
(kips-in) 

DB: 35-L/t=6,8,8,1-C 0.92 0.0084 0.0064 
DB: 36-L/t=6,8,8,1-T 0.92 0.0086 0.0066 

DB: 37-L/t=6,8,8,1-Cyclic 0.92 0.0086 0.0064 
DB: 38-L/t=6,8,8,1-C 0.56 0.0053 0.0040 
DB: 39-L/t=6,8,8,1-T 0.56 0.0050 0.0042 

DB: 40-L/t=6,8,8,1-Cyclic 0.56 0.0054 0.0040 
DB: 41-L/t=6,8,8,1-C 1.38 0.0134 0.0098 

DB: 42-L/t=6,8,8,1-Cyclic 1.38 0.0115 0.0094 
DB: C1S1B-L/t=6,8,8,2-BUF* 1.38 0.0258 0.0230 
DB: B1F1R-L/t=6,8,8,2-BUF* 0.83 0.0154 0.0131 
DB: C1S3T-L/t=6,8,8,2-BUF* 0.58 0.0112 0.0099 

 

* The equivalent modulus of these specimens is obtained from the component tests that 

were conducted at the laboratory of the John A. Blume Earthquake Engineering Center 

using the histories from the shaking table collapse test of Frame #1 for the selected plastic 

hinge locations 
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Figure C.1.  Deduced data for specimen DB:38-L/t=6,8,8,1-C 
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Figure C.2.  Deduced data for specimen DB:39-L/t=6,8,8,1-T 
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Figure C.3.  Deduced data for specimen DB:41-L/t=6,8,8,1-C 
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Figure C.4.  Deduced data for specimen DB:42-L/t=6,8,8,1-Cyclic 
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Figure C.5.  Deduced data for specimen DB :C1S1B-L/t=6,8,8,2-BUF 
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Figure C.6.  Deduced data for specimen DB: B1F1R-L/t=6,8,8,2-BUF 
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Figure C.7.  Deduced data for specimen DB: C1S3T-L/t=6,8,8,2-BUF 
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APPENDIX D 

INSTRUMENTATION PLAN FOR SHAKING TABLE COLLAPSE 

TEST SERIES 

_________________________________________________________________________ 

 

Appendix D includes basic instrumentation plan of test Frames #1 and #2 discussed in 

Chapter 7. Only general drawings that illustrate the instrument locations are presented here 

in. A complete instrumentation list together with the complete list of instruments can be 

downloaded through the NEESCentral repository (https://central.nees.org/) for both frames.  

 

Table D.1 includes a notation of all the instruments used during shaking table 

experimentation. Figure D.1 includes all the load cells and accelerometers installed in both 

test setups. Figure D.2 shows a general drawing for clip and strain gauge locations and 

Figures D.3 and D.4 show typical locations of LEDs installed (as part of the Krypton 

system) on selected plastic hinge elements of the exterior and interior joints of the test 

frame. 
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Table D.1.  Instrumentation list notation 

Instrument Notation 
ACCTi Accelerometer i on the shaking table 
ACCBjFi Accelerometer at beam j, at Floor i 
ACCiPjFk Accelerometer i at mass plate j, at Floor k 
DSPTi Displacement Transducer i for the shaking table 
DSPFFi Displacement Transducer at Frame at floor i 
DSPPFi Displacement Transducer at Plate at floor i 
LCFi Load cell at floor i 
SGCiSjBk Strain Gage at column i, Story j at bottom location k 
SGCiSjTk Strain Gage at column i, Story j at top location k 
SGBiFjLk Strain Gage at beam i, Floor j at left location k 
SGBiFjRk Strain Gage at beam i, Floor j at right location k 
CGCiSjBk Clip Gage at column i, Story j at bottom location k 
CGCiSjTk Clip Gage at column i, Story j at toplocation k 
CGBiFjLk Clip Gage at beam i, Floor j at left location k 
CGBiFjRk Clip Gage at beam i, Floor j at right location k 
KRYSiCjBk Krypton LED at story i, column j, bottom location k 
KRYSiCjTk Krypton LED at story i, column j, top location k 
KRYFiBjLk Krypton LED at floor i, beam j, left location k 
KRYFiBjRk Krypton LED at floor i, beam j, right location k 
KRYSi,Cj,Fk Krypton LED at story i, column j, floor k 
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Figure D.1.  Location of accelerometers and load cells installed in the test setup 
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Figure D.2.  Typical locations for clip and strain gages installed on plastic hinge elements 
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Figure D.3.  Typical locations of LEDs installed on selected plastic hinge elements of 

exterior left column of the test frame 
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Figure D.4.  Typical locations of LEDs installed on selected plastic hinge elements of 

interior joints of the test frame 
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APPENDIX E 

SUMMARY OF RESULTS FROM SHAKING TABLE COLLAPSE 

TEST SERIES  

_________________________________________________________________________ 

 

Basic results for the five tests utilizing increasing ground motion intensity for both frames 

tested in the NEES facility at the State University of New York at Buffalo (SUNY) are 

summarized in this appendix. A total of 110 tests were carried out for both test frames. 

Most of the tests were used for identification of modal properties and in order to gain 

confidence in instrumentation based on the elastic response of both frames. The complete 

data set for both frames can be downloaded from the NEESCentral repository 

(https://central.nees.org/).  

 

 

E.1 Test Frame #1 

 

Figure E.1 includes the peak displacements along the height of test Frame #1, normalized 

with respect to the total height of the frame, at various ground motion intensities. Figures 

E.2 to E.11 include story shear force and OTM histories at the base of the frame during the 

main response time window of Frame #1 at various ground motion intensities as measured 

from the horizontal links. In the same plots the roof drift has been superimposed in a 

different scale. Peak and residual story drifts, plastic rotations have been reported in 

Chapter 7 during test evaluation of Frame #1.  
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E.2 Test Frame #2 

 

Peak displacement profiles along the height of test Frame #2, normalized with respect to the 

total height of the frame, at various ground motion intensities are summarized in Figure 

E.12. Figures E.13 to E.22 include Story shear force histories as measured from the 

horizontal links all superimposed in same graphs per ground motion intensity during the 

main response time window and OTM at the base for the same time window. In the same 

figures the roof drift at various ground motion intensities has been superimposed in 

different scale than the story shear forces and OTM. 
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with respect to total height of the frame at various ground motion intensities 
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Figure E.2.  Story shear histories for frame #1 during SLE as measured from horizontal 

links 
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Figure E.3.  Overturning moment at the base of frame #1 based on horizontal link and 

acceleration measurements during SLE 
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Figure E.4.  Story shear histories for frame #1 during DLE as measured from horizontal 

links 
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Figure E.5.  Overturning moment at the base of frame #1 based on horizontal link and 

acceleration measurements during DLE 
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Figure E.6.  Story shear histories for frame #1 during MCE as measured from horizontal 

links 
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Figure E.7.  Overturning moment at the base of frame #1 based on horizontal link and 

acceleration measurements during MCE 
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Figure E.8.  Story shear histories for frame #1 during CLE as measured from horizontal 

links 
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Figure E.9.  Overturning moment at the base of frame #1 based on horizontal link and 

acceleration measurements during CLE 
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Figure E.10.  Story shear histories for frame #1 during CLEF as measured from horizontal 

links 
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Figure E.11.  Overturning moment at the base of frame #1 based on horizontal link and 

acceleration measurements during CLEF 
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Figure E.12.  Peak relative displacement profiles along the height of frame #1 normalized 
with respect to total height of the frame at various ground motion intensities 
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Figure E.13.  Story shear histories for frame #2 during SLE as measured from horizontal 

links 
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Figure E.14.  Overturning moment at the base of frame #2 based on horizontal link and 

acceleration measurements during SLE 
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Figure E.15.  Story shear histories for frame #2 during DLE as measured from horizontal 

links 
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Figure E.16.  Overturning moment at the base of frame #2 based on horizontal link and 

acceleration measurements during DLE 
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Figure E.17.  Story shear histories for frame #2 during MCE as measured from horizontal 

links 
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Figure E.18.  Overturning moment at the base of frame #2 based on horizontal link and 

acceleration measurements during MCE 
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Figure E.19.  Story shear histories for frame #2 during CLE as measured from horizontal 

links 
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Figure E.20.  Overturning moment at the base of frame #2 based on horizontal link and 

acceleration measurements during CLE 
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Figure E.21.  Story shear histories for frame #2 during CLEF as measured from horizontal 
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